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Chapter 1: Introduction 
Author: Beverly Xu 
 
During the five-month period of January through May 2014, the Civil Engineering Class 
of 2014 was challenged to design a pedestrian bridge spanning east-west across the 
Providence River in Rhode Island as part of a senior capstone design project. The 
project team, advised by Julie Marton, P.E., a structural engineer at Odeh Engineers, 
Inc., was comprised of six seniors each designated with a specific role on the project: 
Rachel Connor designed the bridge pier decks and additionally served as the team 
drafter; Thomas Schiefer and Jennifer Thomas were responsible for the bridge deck 
design; Max Vinhateiro worked on bridge foundation and abutment design; Ka Ling Wu 
designed the bridge canopies; and Beverly Xu served the role of Project Manager. 
 
Design constraints for the bridge included economic, sustainability, and health and 
safety factors, as well as general design guidelines provided by an existing proposal for 
the Providence River Pedestrian Bridge created by Studio Providence and Odeh 
Engineers. The decision to pursue the Providence River Pedestrian Bridge was 
motivated by the significance of the ongoing project within the Providence community, 
the scale of the project as an appropriate undertaking for the student team, as well as 
the availability of the existing design proposal documents. The following report 
discusses the design process of the student team over the course of the five-month 
project and presents the final design for the Providence River Pedestrian Bridge. 
 
Section 1: Technology  
(Co-author: Rachel Connor) 
 
The team chose to use SAP 2000 for analysis of the steel structure of the bridge, 
including the bridge deck, pier decks, and canopies. RAM Structural Systems was used 
for vibrational analysis of the bridge deck. Team drafter Rachel Connor as well as other 
members of the team used building design software Revit to create a 3D model of the 
bridge. The Revit model was made in order to show the entirety of the design for the 
pedestrian bridge. Unlike the SAP2000 models that were created and analyzed, the 
purpose of the Revit model was to show the cohesion between the different parts of the 
bridge. For example, SAP2000 focuses on the structural unity of the frame members but 
does not take into consideration the offsets between the girders and joists. The Revit 
model shows the 6” offset of the joists to accommodate for the decking. Furthermore, 
the Revit model fully integrates the design of both the pier and the main bridge deck as 
it would be in real life. Finally, the addition of the canopies, concrete piers and the 
abutments shows a more realistic depiction of the project in its entirety, which aids in 
the understanding of how it functions as a single entity. Figures 6-8 of the appendix 
show the architectural and structural highlights of the Revit model.  
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Section 2: Historical Context 
 
The I-195 Relocation Project, also known as the Iway project, was comprised of 16 
individual projects to relocate a 1.6-mile span of I-195 across the river. With a project 
budget of $610 million, it is one of the largest projects of the Rhode Island Department 
of Transportation (RIDOT) to date. The city’s decision to replace the former vehicular 
conduit with a bridge exclusively for pedestrians and cyclists represents a fundamental 
shift in the city of Providence’s urban development priorities. The pedestrian bridge, 
linking Fox Point and College Hill on the east to the Knowledge District and downtown 
on the west, serves as a critical connector among the waterfront neighborhoods and 
promises an increased tax base, economic development, and urban revitalization 
opportunities for the city. The bridge expands transportation options for commuters, 
tourists, and pedestrians by creating a more effective circulation pattern between Point 
Street and Crawford Street.  
 
A study prepared by Maguire Group Inc. in June 2007 for RIDOT titled the 
Improvements to I-195 Providence River Pedestrian Bridge Feasibility Study evaluated 
the feasibility of constructing a pedestrian bridge using the existing piers of the former I-
195 span. The feasibility study analyzed the cost of three different alignments across 
the piers for four different bridge types, as well as the cost to remove the existing piers 
for comparison. The three bridge alignments included the following: straight alignment 
skewed at 60 degrees to the piers; straight alignment skewed at 72 degrees and not 
centered on the piers; and the offset alignment consisting of two legs from each end of 
the bridge connected by 90 degree turns. The four bridge types evaluated included a 
three-span continuous steel truss arch, three-span continuous haunch steel girders, 
simply supported precast concrete box beams, and simply supported glu-lam timber. 
The feasibility study conclusion was that the straight alignment steel framed bridges 
were the most economical options. Of the options evaluated, the range of costs for a 
new bridge was between $2.06 million and $3.02 million, with a steel truss bridge and 
the laminated timber frame as the low and high limits respectively.1 The cost for pier 
removal ranged from $4.05 million to $7.3 million, indicating significant savings of at 
least $2 million if the new structure was built on the existing pier substructure. In 
consideration of these results, in September 2010, Mayor David Cicilline and the Rhode 
Island Department of Transportation (RIDOT) announced a Design Competition for the 
Providence River Pedestrian Bridge upon the existing piers. 
 
A bridge design proposal submitted by Studio Architecture and Odeh Engineers to the 
Providence Pedestrian Bridge Design Competition involved a steel framed bridge with a 
straight alignment skewed at 60 degrees from the piers. The main bridge deck is 
crossed perpendicularly with three pier deck landings sheltered by canopies, a practical 
layout from an economic perspective as well as an elegant design reminiscent of New 
England fishing piers. The proposal served as a design base for the capstone project 
team, and roles and responsibilities were divided appropriately. 

                                                 
1 Maguire Group Inc. “Improvements to I-195 Providence River Pedestrian Bridge Feasibility Study.” 
RIDOT, June 2007. 
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Chapter 2: Geotechnical and Foundation Engineering 
Author: Max Vinhateiro 
 
The proposed bridge sits atop five existing piers that span the length of the river, left 
behind from the demolished highway bridge. Additionally, bridge loads will feed into 
three in-ground foundations, two on the western bank and one on the eastern bank. 
Part 1 of this chapter details an analysis of the existing piers to find their load bearing 
capacity. Part 2 discusses the design and analysis of the three foundations. 
 
Section 1: Analysis of Existing Piers 
 
Section 1.1: Overview of Current Conditions 
 
Five piers span across the Providence river, offset by 60° from the span direction, with a  
clear span of roughly 76 ft. between each pier, as shown in Figure 2.1. 

 
Figure 2.1: Existing piers across Providence River 

Each pier is 141’ 8 1/2” long, and 6 ft. across, and has eight columns that feed into it, 
spaced at 18’ 2” from one another, with the exception of the middle two, which are 
spaced 14’ 7” apart, see Figure 2.2. The scope of demolition of the previous bridge did 
not extend along the entire length of these columns, leaving 1 ft. of columns on top of 
the piers, as Figure 2.3 demonstrates. 
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Figure 2.2: (a) Plan view of pier. (b) Elevation view of pier 

 

 
Figure 2.3: Extent of column demolition 

Within the piers, 1.5 ft. of granite on both sides encase a core of structural concrete, 
which forms a 14.5 ft. deep T-beam. This beam is reinforced against flexure with No. 8 
rebar every 12 in. along each vertical face, and against shear with No. 8 rebar every 12 
in. Shear reinforcement is doubled under the columns. A cross-section of the piers is 
shown in Figure 2.4. 
 
As can be seen in the figure, the entire beam sits on a pile cap. Three piles, spaced at 
roughly every 6 ft. pass through soft river mud and silt below, to feed the large bridge 
loads into bedrock. 
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Figure 2.4: Pier cross section 

 
Section 1.2: Analysis 
 
As is outlined above, 8 point loads feed into the piers at the columns. The piers are 
continuously supported by the pile caps. Figure 2.5 (a) shows the loading and support 
for the piers.  
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In order to find the load that each pier could withstand, the problem was flipped upside-
down, as is shown in Figure 2.5 (b). Here, the concrete T-beam is loaded with a 
continuous line load, and is supported by 8 columns.  
 

 
Figure 2.5: (a) Pier loads in situ. (b) Proposed “flipped” loading 

With this new loading pattern, the beam is analyzed as a deep beam to calculate the 
ultimate factored distributed load it can take, wu. 
From analysis of deep beams, the nominal resisting moment of steel reinforcement in a 
deep beam is given by 

𝑀𝑛 = 𝐴𝑠𝑓𝑦(𝑗𝑑)                                 Equation 2.1 
where As is the area of steel, fy is the yield strength of rebar, and jd is the moment, 
specified by the Euro-International Concrete Committee, CEB, as 

𝑗𝑑 = 0.2(𝑙 + 2ℎ)                               Equation 2.2 
Here l is the effective span length, from center to center of supports, 18’ 2”, and h is the 
height of the beam, 14.5 ft.  
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As is determined from the reinforcement discussed above to be 22.12 in2, and fy is 
assumed to be 60 ksi. From the dimensions of the pier, jd is found to be 9.43 ft = 113.2 
in. With these values, the nominal resisting moment Mn = 150,239 k-in. The ultimate 
factored allowable load is given by 

𝑀𝑢 ≤ 𝜙𝑀𝑛                                    Equation 2.3 
where ϕ = 0.9. This gives Mu = 135,215.1 k-in.  
With the allowable moment, the factored distributed load, wu, can be calculated using  

𝑤𝑢 = 𝑀𝑢∙8
𝑙𝑛2

                                      Equation 2.4 
ln is the clear span between columns, 17’ 2” or 206 in.  
Finally, the allowable load was calculated to be wu = 25.5 k/in = 305.9 k/ft. Multiply this 
load by the total length of the pier, 141’ 8 1/2” to find the total load it can withstand, 
43,346.8 k.  
 
To understand what this calculated allowable load means in terms of loads on the 
bridge, the load was divided by the area that feeds into each column, roughly 4780 ft2, 
to find the allowable area load on the bridge, calculated here to be 9.07 k/ft2, far 
exceeding any design loads on the bridge deck, meaning the piers will easily withstand 
the loading they are to be subjected to. 
 
Part 2: Foundation Design 
 
Section 2.1: Ground Conditions 
 
The make-up of subsurface soils is critical to foundation design. For this project, ground 
conditions were found using boring logs provided by RIDOT, taken when the highway 
bridge was first being designed and constructed, 1954. The I-195 bridge was supported 
on land by piers just like those still in the water, described above. The large loads from 
the bridge were transferred via piles to bedrock deep below the surface, and the soil, 
upon which the new foundations are to be built, remained largely unchanged, so using 
this old data will not hurt the new bridge design.  
 
Section 2.1.1: West bank 
 
The surface of the ground used on the west bank is at an elevation of 4.5 ft. above 
water level.  
 
For the first 9 ft. below the ground surface the soil is composed of well-graded soil, 
mostly sand (grain size diameters of .075 mm to 2.0 mm), but ranging from gravels 
(diameters between 2.0 mm to 75 mm) to silts (diameters between 0.002 mm and 0.075 
mm). It also contains compacted structural fill. The water table is at a depth of 5 ft. from 
the surface. Above the water table, this soil has a specific weight γ = 133.7 lb/ft3, while 
the soil below the water table has a specific weight of buoyancy of γb = γ – γsalt water = 
133.7 lb/ft3 – 64 lb/ft3 = 69.7 lb/ft3. 
From depths of 9 ft. to 17 ft., the soil is well-graded sand with trace amounts of silt. This 
layer of soil has specific weight of buoyancy of γb = 66.5 lb/ft3. 
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Starting at 17 ft. below the ground surface, there is a 15 ft. layer of soft silt, which is 
susceptible to settlement when loaded. These conditions are shown in Figure 2.6: 
 
 

 
Figure 2.6: Soil conditions on West bank 

 
Section 2.1.2: East bank 
 
The ground surface on the east bank is at an elevation of 5 ft. from the water level. 
The first 6 ft. below ground level are composed of sand cinders and compacted fill, with 
a specific weight of γ = 124.1 lb/ft3.  
Between 6 ft. and 14 ft. there is a mixture of silts and gravels, with trace amounts of 
mud. The water table lies 9.9 ft. below the surface. Above the water table, γ = 136.9 
lb/ft3, while below the water table, γb = 72.9 lb/ft3.  
A 14 ft. layer of silt starts at 14 ft. below ground level. These conditions are shown in 
Figure 2.7: 
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Figure 2.7: Soil conditions on East bank 

 
Section 2.2: Soil bearing capacity 
 
Soil bearing capacity, with units of k/ft2, is used to calculate the minimum area required 
for a footing given the load that feeds into it. Two methods of estimating the bearing 
capacity were considered: the first was developed by Karl Terzaghi, a pioneer in the 
field of soil mechanics, and the second was developed by Geoffrey Meyerhof.  
Terzaghi’s method for calculating soil bearing capacity, based on the theory of plasticity, 
is a theoretical approach:  

𝑞𝑢𝑙𝑡 = 𝑐𝑁𝑐 + 𝑞�𝑁𝑞 + 0.5𝛾𝐵𝑁𝛾                    Equation 2.5 
where c is soil cohesion, γ is the specific weight of the soil, ̄q = γ·Df, where Df is the 
depth of the footing , and Nc, Nq, and Nγ are dependent on the angle of shear of the soil 
particles, ϕ.  
Alternatively, Meyerhof’s approach is an empirical one, using standard penetration test 
values (SPT, or N-values), which can be found on boring logs, to estimate the soil 
bearing capacity: 

𝑞𝑎𝑙𝑙𝑜𝑤 = 𝑁
4
𝐾𝑑                                  Equation 2.6 

where N the N-value at the depth of interest – the number of blows required for a 140 lb 
weight dropped a height of 30 in. to drive the sample tube a distance of 1 ft. into the 
earth. Kd is defined by 

𝐾𝑑 = 1 + 0.33 �𝐷𝑓
𝐵
� ≤ 1.33                        Equation 2.7 

where Df is the depth of the footing, and B is the footing width.  
Because Terzaghi’s method requires values for variables not provided with the boring 
logs, namely c, ϕ, and γ, these values were estimated within reasonable limits. 
However, even while keeping these variables within the given limits, small fluctuations 
could lead to large changes (on the order of 200%) in the calculated soil bearing 
capacity. For this reason, Terzaghi’s method was abandoned for any of the following 



P a g e  | 11 
 

 
 

calculations, and values were found using only Meyerhof’s method, which uses only N-
values, available from boring logs, and simple design assumptions. 
 
Section 2.2.1: West bank   
On the West bank, three boring samples at locations near to the proposed foundation 
site were chosen. At the expected depth of the footing, 40 in below the surface, the 
three samples had N-values of 12, 14, and 27, which were averaged to give N = 17.67.  
Using the depth Df = 40 in, and an assumed footing width of 25 in, the calculated 
allowable soil bearing capacity is 5.87 k/ft2. 
 
Section 2.2.2: East bank 
Similarly, the East bank soil bearing capacity was estimated, but with four samples, with 
N-values 17, 9, 10, 11, and an average of N = 11.75. With the same design 
assumptions, the allowable soil bearing capacity was found to be 3.91 k/ft2.  
 
Section 2.3: Foundation design 
 
With the soil bearing capacities on both banks, as well as the ground conditions, the 
foundation design can truly begin. Because the soil is compacted, shallow foundations, 
which work well on compacted soils, were chosen over more expensive deep 
foundations, which are usually used with looser soils.  
 
Section 2.3.1: Frost depth 
 
Because water expands when it freezes, a minimum depth that the bottom of  footings 
are allowed to sit on is specified, such that the footing is deep enough that frost will not 
penetrate to the level that the footing sits at. This ensures that the footing will not be 
subject to significant movement cause by expanding water. This depth, called the frost 
depth, is specified by the Rhode Island Building Code as 40 in. for Providence. 
 
2.3.2: Area and dimension design 
 
Given service loads that feed into each foundation from the bridge, including material 
dead loads, design pedestrian loads, and snow loads, area required to spread that load 
across enough soil that the pressure it exerts does not exceed the soil’s bearing 
capacity. For these calculations, a new bearing pressure is calculated, which takes into 
account not only bridge loads, but also the weight of soil between the top of the footing 
and the ground surface, and the weight of the footing itself: 

𝑞𝑛𝑢 = 𝑞𝑎𝑙𝑙𝑜𝑤 − 𝑞𝑠𝑜𝑖𝑙 − 𝑞𝑐𝑜𝑛𝑐𝑟𝑒𝑡𝑒                    Equation 2.8 
 
where qsoil and qconcrete are calculated by multiplying density by thickness, i.e. 

𝑞𝑠𝑜𝑖𝑙 = 𝜌𝑠𝑜𝑖𝑙ℎ𝑠𝑜𝑖𝑙                               Equation 2.9 
qconcrete is calculated similarly.  
Table 2.1 shows values used for deigning the area of the three footings. The three 
footings are denoted as such: E1 is the footing on the East bank. W1 is the footing 
closer to the water on West bank, while W2 is the footing farther from the water on the 
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West bank. The soil bearing capacities calculated above were rounded down from the 
maximum allowable values to 3.5 k/ft2 on the East bank and 5.5 k/ft2 on the West bank. 
A soil density of 120 lb/ft3, and concrete density of 150 lb/ft3 are assumed. Furthermore, 
a length of 26’ 6” was chosen for all three footings, extending 4’ 6” from the each 
column. With this dimension chosen, the only variable to solve for is the footing width, 
which is limited to be large enough to hold the W21x45 columns that feed into it. 
Service loads on W1 are significantly higher than those on the other foundations 
because it has two spans feeding into in – one from the first western pier to W1 and one 
from W1 to W2 – whereas E1 and W2 have each only one span feeding into them. 
 

Footing E1 W1 W2 
qallow, k/ft2 3.5 5.5 5.5 

Bottom depth, in 40 40 40 
Concrete 

Thickness, in 
29 35 26 

Soil Thickness, in 11 5 14 
qsoil, k/ft2 0.11 .05 0.14 

qconcrete, k/ft2 .3625 .4375 .325 
qnu, k/ft2 3.0275 5.0125 5.035 

Service load, k 162.5 249.6 122.0 

Area  required, ft2 53.67 49.70 24.24 

Length, ft 26.5 26.5 26.5 

Width Required, 
ft 

3.505 4.005 3.256 

Width Used, ft in 3’ 7” 4’ 1” 3’ 4” 

Area Used, ft2 94.96 108.21 88.33 

Table 2.1: Dimensions of footings 
 
Section 2.3.3: Check for 1-way shear 
Checking for 1-way shear begins with calculating the factored soil pressure: 

𝑞𝑛𝑢 = 𝑃𝑛𝑢
𝐴

                                  Equation 2.10 
Table 2.2 outlines the factored load, Pnu, the tributary area for each column, A, and the 
calculated soil pressure, qnu: 

 
Footing Pnu, k A, ft2 qnu, k/ft2 

E1 211.55 47.48 4.46 
W1 323.94 49.69 6.52 
W2 158.32 44.17 3.58 
Table 2.2: Factored load, tributary area, and soil pressure 
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The area that the shear force acts on is defined as the area a distance d away from the 
column face to the footing midpoint (see Figure 2.8), at which point, shear forces will be 
picked up by the other side of the combined footing. The distance d is dependent on the 
thickness of the footing: 

𝑑 = 𝑡ℎ𝑖𝑐𝑘𝑛𝑒𝑠𝑠 − 𝑐𝑜𝑣𝑒𝑟 − 𝑟𝑒𝑏𝑎𝑟 𝑑𝑖𝑎𝑚𝑡𝑒𝑟          Equation 2.11 
The cover and rebar diameter are assumed to be 3 in. and 1 in. respectively.   
 

 
Figure 2.8: 1-way shear area 

The soil pressure acts on this area, creating shear forces within the concrete: 
𝑉𝑢 = 𝑞𝑛𝑢𝐴𝑠ℎ𝑒𝑎𝑟                        Equation 2.12 

If the footing is to be considered okay for 1-way shear, the concrete’s resisting force Vc, 
multiplied by a fractional factor of safety, must be greater than the shear force from the 
soil: 

𝜙𝑉𝑐 = 𝜙2�𝑓′𝑐𝑏𝑤𝑑 ≥ 𝑉𝑢                  Equation 2.13 
where bw is the width of the footing, and f’c is the concrete compressive strength, taken 
to be 3000 psi.  
If the concrete cannot withstand shear, increase the thickness, which effectively 
increases d. Values of concrete thickness specified in Table 2.1 were determined using 
this method. 
Table 2.3 tabulates the soil induced shear and the resisting concrete shear for each of 
the three footings: 
Footing Thickness, 

in 
d, in qnu, 

k/ft2 
Ashear, 

ft2 
bw, 
in. 

Vu, k ϕVc, k OK? 

E1 29 25 4.46 19.11 43 85.15 88.32 Yes 
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W1 31 27 6.52 19.74 49 118.17 124.8 Yes 
W1 26 22 3.58 18.61 40 66.71 72.3 Yes 
Table 2.3: Check for 1-way shear 
 
Section 2.3.4: Check for 2-way shear 
2-way shear is taken at a critical distance of d/2 from the column face, on all four sides 
of the column, as is shown in Figure 2.9: 
 

 
Figure 2.9: 2-way shear area 

Soil pressure pushes on the shear area shown above, cause the column to “punch” 
through the foundation. The shear strength of the concrete along the face of the 
boundary must be designed to withstand this punching shear. 

𝜙𝑉𝑐 = min �𝜙�2 + 4
𝛽𝑐
��𝑓′𝑐𝑏0𝑑,𝜙�𝛼𝑠𝑑𝑏0

+ 2��𝑓′𝑐𝑏0𝑑,𝜙4�𝑓′𝑐𝑏0𝑑� Equation 2.14 

where ßc is the ratio of the long side of the column to the short side, = 1.016 for the 
column and base plate used here.  αs is a factor depending on where in the structure 
the column is, = 20 here for corner columns. b0 is the total sum length of the perimeter 
punched out by Ashear.  
 
 
Footing d/2, in. Ashear, 

ft2 
qnu, 
k/ft2  

Vu, k b0, in ϕVc, k OK? 

E1 12.5 38.40 4.46 171.10 144.64 594.17 Yes 
W1 13.5 41.76 6.52 250.03 168.64 859.02 Yes 
W2 11 36.53 3.58 130.95 132.64 639.32 Yes 
Table 2.4: Check for 2-way shear 
 
 
Section 2.3.5: Design of flexural reinforcement 
Although concrete is strong in compression, it is very weak when put in tension. For this 
reason, steel rebar is added to concrete, such that the steel can pick up any tension.  
However, in order to ensure a ductile failure in steel over a brittle failure in concrete, 
strict limits are placed on the amount of steel that can be inserted. The reinforcement 
ratio is defined as: 
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𝜌 = 𝐴𝑠
𝑏𝑤𝑑�                                 Equation 2.15 

where bw is the width of the concrete. This ratio is used to control whether too much 
steel has been added to the concrete –  causing the steel to be too strong and the 
element to fail in brittle concrete – or too little steel has been added, which makes the 
element act like plain concrete without any reinforcements. For footings, ρmin = 0.0018, 
and the minimum spacing allowed between bars is the smaller of 3d and 18”. 
The ultimate design moment is the maximum factored moment on the beam. Figure 
2.10 shows moment diagrams for each footing in the long-span direction, and Figure 
2.11 shows moment diagrams in the short-span direction.  
The maximum moments shown below in Figures 2.10 and 2.11 are tabulated here in 
Table 2.5: 
 

Footing Mu long span, k-ft Mu short span, k-ft 
E1 349.4 189.7 
W1 536.0 303.7 
W2 263.4 131.8 
Table 2.5: Ultimate factored moments for short and long spans 
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From the calculated values for Mu, the required area of steel to withstand the moment 
can be found, assuming that the steel acts at a moment arm of 0.9d and has a yield 
stress of 60,000 psi: 

𝑀𝑢 =  𝜙 ∙ 𝐴𝑠𝑓𝑦𝑗𝑑                       Equation 2.16 
𝐴𝑠 = 𝑀𝑢

𝜙𝑓𝑦𝑗𝑑
                                Equation 2.17 

Table 2.6-2.8 show how flexural reinforcement was chosen for bars in the long span 
and bars in the short span. 
 

Figure 2.11: Moment along long span, E1, 
W1, W2 

Figure 2.10: Moment along short span, E1, W1, 
W2 
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Footing Mu, k-ft d, in As,req, 
in2 

Use As 𝝆 OK? 

E1 349.4 25 3.45 8 No. 6 
@ 5 in. 

3.52 .00327 Yes 

W1 536.0 31 4.27 5 No. 9 
@ 9 in 

5.00 .00329 Yes 

W2 263.4 22 2.96 5 No. 7 
@ 8 in 

3.00 .00341 Yes 

Table 2.6: Flexural reinforcement for bars spanning long direction 
 

 
Figure 2.12: Flexural reinforcement bars in E1, spanning long direction 
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Figure 2.13: Flexural reinforcement bars in W1, spanning long direction 

 

Figure 2.14: Flexural reinforcement bars in W2, spanning long direction 
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Footing Mu, k-ft d, in As,req, 
in2 

Use As 𝝆 OK? 

E1 189.7 25 1.87 18 No. 
3 @ 18 
in. 

1.98 .000249 NO 

W1 3 31 2.42 18 No. 
4 @ 18 
in.  

3.6 .000365 NO 

W2 131.8 22 1.48 17 No. 
3 @ 18 
in. 

1.87 .000267 NO 

Table 2.6: Flexural reinforcement for bars spanning short direction, first attempt 
 
Table 2.6 outlines the first attempt at designing reinforcement bars spanning the short 
direction. Because the values for ρ are less than ρmin, a new minimum required steel 
area must be found by setting  

𝐴𝑠,𝑟𝑒𝑞 = 𝜌𝑚𝑖𝑛𝑏𝑤𝑑                               Equation 2. 18 
 

Footing bw, ft d, in As,req, in2 
E1 26.5 25 14.31 
W1 26.5 31 17.74 
W2 26.5 22 12.59 
Table 2.7: Revised minimum steel area for bars spanning short direction 
 
With the new minimum steel areas, reinforcement bars can be redesigned. 
 
Footing Mu, k-ft d, in As,req, 

in2 
Use As 𝝆 OK? 

E1 189.7 25 14.31 19 No. 
8  

15.01 .00189 Yes 

W1 3 31 17.74 23 No. 
8  

18.17 .00184 Yes 

W2 131.8 22 12.59 21 No. 
7  

12.6 .00180 Yes 

Table 2.8: Flexural reinforcement for bars spanning short direction, second attempt 
 
Finally, while the long bars can be evenly spaced, the short bars should be distributed 
such that there is more reinforcement under the columns. This distribution can be 
described by  

𝐴1 = 𝐴𝑠 �
2

𝛽+1
�                               Equation 2.19 

𝐴2 = 𝐴𝑠 − 𝐴1                                Equation 2.20 
 
where A1 is the area of steel within L/2 on both sides of a column, and L is the width of 
the footing. ß is the ratio of long side to short side of the footing.   
 
The distributed steel is shown in Figures 2.15-2.17: 
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Figure 2.15: E1 footing with distributed steel reinforcement 

 
 

 
Figure 2.16: W1 footing with distributed steel reinforcement 

 
 
 

 
Figure 2.17: W2 footing with distributed steel reinforcement 

 
Section 2.4: Settlement 
 
Because the previous bridge loads were fed directly into bedrock via driven piles, the silt 
layers below foundations were considered virgin silts, that is, they have not been 
consolidated by pressures higher than the in situ stresses, i.e. the weight of soils above 
them.  
For virgin silts and clays, settlement is calculated as  

𝑠 = 𝐶𝑐
1+𝑒0

𝐻 log 𝜎𝑣𝑜′ +Δ𝜎
𝜎𝑣𝑜′

                          Equation 2.21 
where Cc is the compression index of the silt, e0 is the intrinsic void ratio, H is the height 
of silt layer, σ’vo is the in situ soil stress, given by 

𝜎𝑣𝑜′ =  Σ𝛾𝑖ℎ𝑖                                Equation 2.22 
for every layer above the silt, i, with specific weight γi and layer height hi. 
∆σ is the added stress on the silt layer.  
Because Cc  and e0 are unknown, the ratio Cc/(1+e0) can be estimated using the 
tangent modulus method, which arises the relationship between stress and strain in 
soils. The modulus number m can be estimated for various soil types, and will give the 
required ratio through the equation 

𝐶𝑐
1+𝑒0

= 2.3
𝑚

                                     Equation 2.23 
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The area that the stress acts on increases with depth, with a slope of 1:2 (see Figure 
2.18).  Thus, the load from a foundation with length L and width b at depth d below the 
foundation will act on an area of (L+d)x(b+d). 

 
Figure 2.18: Load spread in soils 

Settlement is considered tolerable if it does not exceed 1 in., or .5 in differential 
settlement between neighboring foundations. 
 
Section 2.4.1: Settlement in W1 
 
Soil conditions are outlined in Figure 2.6. W1 has length L = 26.5 ft = 318 in, and width 
b = 4’ 1” = 49 in. and a factored load of 323.9 k feeding into it. It sits at 40 in below 
grade.  
The silt layer is at 17 ft = 204 in below grade, with a difference in depth of 164 in. from 
the bottom of W1.  
It has a height of 15 ft = 180 in.  
 
From Equation 2.22, 
 𝜎’𝑣𝑜  =  𝛴 𝛾𝑖 ℎ𝑖 =  5 𝑓𝑡 · 133.7𝑙𝑏/𝑐𝑓 +  4𝑓𝑡 · 69.7𝑙𝑏/𝑐𝑓 +  8𝑓𝑡 · 66.5 𝑙𝑏/𝑐𝑓 
𝜎’𝑣𝑜  =  1479𝑙𝑏/𝑓𝑡2  =  1.479 𝑘/𝑓𝑡2. 
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∆𝜎 =  323.9𝑘 (318 𝑖𝑛. + 164 𝑖𝑛)𝑥 (49 𝑖𝑛 +  164 𝑖𝑛)� ·
144𝑖𝑛2

𝑓𝑡2
 

=  .454 𝑘/𝑓𝑡2. 
m for a  soft silt ranges from 40 to 60. Assume m = 50. 
 

𝑠 =
2.3
50

180 𝑖𝑛 ∙ log
1.479 + .454

1.470
= 0.96 𝑖𝑛. 

 
Section 2.4.2: Settlement in W2 
 
Soil conditions are outlined in Figure 2.6. W2 has length L = 26.5 ft = 318 in, and width 
b = 3’ 4” = 40 in. with a factored load of 158.3 k. It sits at 40 in. below grade. 
Because the soils conditions are the same, σ’v0 is the same as that calculated above.  
 
∆𝜎 =  158.3𝑘/((318 𝑖𝑛. + 164 𝑖𝑛) 𝑥 (40 𝑖𝑛 +  164 𝑖𝑛))  ·  144𝑖𝑛2/𝑓𝑡2 =  .232 𝑘/𝑓𝑡2. 
 

𝑠 =
2.3
50

180 𝑖𝑛 ∙ log
1.479 + .232

1.470
= 0.52 𝑖𝑛. 

 
Section 2.4.3: Settlement in E1 
 
Soil conditions are outlined in Figure 2.7. E1 has length L = 26.5 ft = 318 in, and width b 
= 3’ 7” = 43 in. with a factored load of 211.6 k. It sits at 40 in. below grad. 
The silt layer is at 14 ft. = 168 in. below 
 grade, with a difference in depth of 128 in. from the bottom of E1. 
It has a height of 14 ft.  = 168 in. 
 

𝜎’𝑣𝑜  =  𝛴 𝛾𝑖 ℎ𝑖 =  6 𝑓𝑡 · 124.1
𝑙𝑏
𝑐𝑓

+  3.9𝑓𝑡 · 136.9
𝑙𝑏
𝑐𝑓

+  4.1𝑓𝑡 · 72.9 
𝑙𝑏
𝑐𝑓

 

𝜎’𝑣𝑜  =  1577.4𝑙𝑏/𝑓𝑡2  =  1.577 𝑘/𝑓𝑡2. 

∆𝜎 =  211.6 𝑘 (318 𝑖𝑛. + 128 𝑖𝑛)𝑥 (43 𝑖𝑛 +  128𝑖𝑛)� ·
144𝑖𝑛2
𝑓𝑡2

 

=  .400𝑘/𝑓𝑡2 
 

For harder silts, m ranges between 60 and 80. Assume m = 60. 
 

𝑠 =  
2.3
𝑚

168 𝑖𝑛.∙ log
1.577 + .400

1.577
=  .63 𝑖𝑛. 
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Section 2.4.4 Settlement tabulated 
 
Settlement is within tolerable limits, so all design criteria are satisfied. 

 
  

Footing Settlement, in Differential 
settlement, in 

OK? 

E1 0.63  -  Yes 
W1 0.96 +0.44 Yes 
W2 0.52 -0.44 Yes 
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Chapter 3: Bridge Deck 
Author: Jennifer Thomas 
 
Section 1: Design 
 
The decking comprises the majority of the bridge, and is originally designed by Studio 
Providence and Odeh Engineers. This design was used as a template for the final 
bridge design in this project. This was done to ensure cohesiveness with the other 
components of the project - the deck, canopies, and foundation – while also 
guaranteeing a relatively cost effective design that would be close to the budget of the 
actual competition.  
 
All the measurements of the bridge deck were used from a supplied CAD drawing and 
shown below in Figure 3.1. The bridge crosses the Providence River at an upward 
angle of 30 degrees in the northwest direction. The deck also slopes to each bank. The 
west side has a slope of 1:20 over a course of approximately 210 feet, while the east 
side slopes at 1:15 over a length of roughly 160 feet. This is well above ramp slope 
guidelines in Rhode Island, which require a 1:12 slope.  The mid portion of the deck is 
horizontal and includes the remaining 175 feet, which is at a vertical height of 12.5 feet 
above sea level.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 3.19: CAD file drawings of the pedestrian bridge supplied from Odeh engineers. 
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The deck spans are constrained by the five preexisting piers, which are at a distance of +/-65 
feet. Since the bridge travels in a diagonal, this makes them approximately 75 feet per span. The 
deck has a 17.5 foot width and 549 foot length. There are four girders that travel the entirety of 
the bridge. Odeh Engineers supplied a customized box beam of 28x6 for their final design in 
order to deter birds from nesting.  Two columns exist on each pier, attached to the outside 
girders. Two additional foundation features are spaced equidistant from the five piers on either 
side of the bridge to give the bridge additional support and add more columns. The bridge ends at 
ground level by attaching to an abutment on each bank. The final component is the joist and 
decking. In the original design, there are no joists and the six-inch thick wood decking supplies 
all the additional structural support. This was forgone for joist members that travel parallel to the 
piers and are 20 feet in length.  
 
Section 2: SAP Modeling 
 
Section 2.1: Design 
SAP2000 was used for computational analysis on the bridge. The model was drawn to 
emulate the actual design of the bridge, in order to obtain the most accurate results. 
This involved creating a diagonal grid section in the x and y coordinate system by 
obtaining values from the CAD file.  Furthermore, in order to display the upward slope, z 
coordinate levels were created where the girder sections could pass through at the 
appropriate heights. Unfamiliarity with the program’s defining coordinate grid function 
lead to some initial setbacks, but were resolved through trial and error and use of the 
program. Below in Figure 3.2 is the final model used for analysis shown in three 
different planes. The coordinate systems accompanying each image help to orient the 
deck. 

Figure 3.20: Various views of the SAP model bridge deck showing its upward slope in the z direction 
(top two images) and the upward angle of the bridge in the xy plane (bottom image) 
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The spans were determined based on where the slope ended and the placement of 
columns. Some of the spans became much longer since it was required for the girder to 
go passed the column in order to have a continuous girder to the beginning of the slope. 
Below is a table displaying the length for each span and an accompanying Figure 
showing the start locations and duration of the span.  

 
 

 
 
 
 

 
 

 
The spans were set up to what seemed most logical for construction purposes and the 
manufacturing of the girders. The amount of joists follows the span lengths and, 
therefore, also varies between spans. The amount of joists per span and the distance 
between them is shown in table 3.2. 
 
Table 3.2: Joists and their span locations, amounts, and distances from each other per span 

Span 1 2 3 4 5 6 7 
Joist Amount 7 8 8 9 8 7 10 

Joist Distance [ft] 10.2 9.42 9.02 10.42 8.6 9.67 9.96 
 
The joints, which can be seen as green in Figure 3.2, were defined as restrained in all 
directions to emulate the fact that the columns go into a pier and the end of the deck 
goes into an abutment. The rest of the joints on the deck have no constraints and no 
restraints. However, the way in which the girder joints interact with the joists had to be 
modified. Initially the girders were drawn as one continuous member to each column, 
and the joists were drawn from exterior girder to exterior girder. The interaction of these 
members was difficult to understand, since SAP’s visualization of the member 
connections was problematic. The possibility that SAP was seeing these members as 
overlapping instead of connected was creating strange analysis results with extremely 
asymmetrical reaction forces and large deflections. The members, for both joists and 
girders, were then segmented to end at each joint and act as the bridge was entirely 
welded. This adjustment created additional stiffness in the bridge. This resolved both 
the high reaction forces and deflections that were occurring in the analysis. 

Sloped [ft] Horizontal [ft] Sloped [ft] 
Span 1 Span 2 Span 3 Span 4 Span 5 Span 6 Span 7 
71.52 75.37 62.912 86.27 85.97 67.735 99.59 

Table 3.1: Spans for the girders 

         1                    2                      3                        4                           5                         6                       
 

Figure 3.21: SAP model displaying the corresponding span lengths 
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Section 2.2: Loads and Members 
The area loads were initially applied to three sections: the two slopes and the horizontal 
plateau. The application of these areas was soon to be seen as possibly erroneous 
since the slope slightly shifts between girder spans. There was uncertainty regarding if 
the areas were floating slightly over the girders and joists and if SAP was accounting for 
this margin of error. In order to be safe, the areas were modified so that there was an 
area for each span. This can be seen in Figure 3.4. 

 
Once the areas had been properly drawn, they were assigned the appropriate loads for 
a pedestrian bridge. All loads that were applied were not design loads since SAP does 
this for the user. The first of these was the dead load of the bridge, which SAP 
prescribes automatically if the load is given a self-weight multiplier of 1. It did not need 
to be assigned to the actual area load. The second was the snow load, which was given 
from the Providence building code as 30 pounds per square foot (psf). Next was a live 
load of 100 psf. This was supplied from Odeh engineers. Generally, a lighter load is 
used for pedestrian bridges, but to enable maintenance vehicles to travel onto the 
bridge a higher load was used. The deck load was applied at 50 psf. At the time of the 
analysis, the material for decking was not known so a conservative value was used. The 
final two loads, which are not applied to the area, but simply run with the other cases, 
were the wind and earthquake loads. The wind load used the auto lateral load pattern of 
ASCE 7-10, which generates multiple load cases. Some of the variables were changed 
to match the location of the bridge. This is discussed in Chapter 4 were the bridge deck 
hand calculations are explained. The quake load was divided into x and y components 
and used the IBC 2009 code. The values that SAP automatically implemented for the 
quake case were close to the ones found by hand, so they were kept as they were 
initially. The mechanical conduit that travels the length of the deck and the solar circuit 
were considered to be negligible and therefore not applied to the bridge deck. All the 
loads can be seen in the comprehensive table below. 
 
Table 3.3: Load Information 
Load Type Dead Snow Deck Live Wind Quake 
Load (psf) Self Weight 

Multiplier 
30 50 100 ASCE 7-10 

Calculation 
IBC 2009 
Calculation 

 
 
An early error involved accidently assigning the bridge deck to having a 12-inch thick 
steel deck, when the deck was actually already assigned as a load. This created large 

Figure 3.22: Implementation of area loads 
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deflections and asymmetrical joint force patterns. Removing the property and assigning 
the areas to no properties resolved this issue. 
 
The final step before analysis was assigning the member sizes. The material property 
was defined as A992Fy50, which has a modulus of elasticity of 29000 ksi and a 
minimum yield stress of 50 ksi. The girders were defined as a customized box beam of 
28x6 with a flange and web thickness of .5 inches. Generally, HSS sections are not 
made this large, and W beam would be preferable. However, since it is an outdoor 
bridge, which will be frequented by pedestrians, a box beam is more likely to deter birds 
from nesting. This size was supplied by Odeh engineers and was never changed 
throughout the design process.  
 
The joists originally followed the same theme as the girders. The discouragement of bird 
nesting was a top priority, so the joists were initially defined as WT sections. However, 
no size of this section type was seismically compact, which created analysis difficulties. 
Finally they were changed to W sections. The smallest section that could be used 
without any seismic errors was a W8x40. The area in which the pier deck passes 
through deck, the joists were assigned the 36x6 box beam that is used for the pier deck. 
 
The last section to define was the columns. The columns under the horizontal plateau 
(spans 4 and 5) were assigned dummy values since they were not part of the analysis 
for the bridge deck. Further interest can be found in the column design of the pier deck 
and canopies in Chapters 5 and 6. The last 6 columns, which are located between 
spans 1 and 2, spans 2 and 3, and spans 6 and 7, followed the same trial and error 
procedure of the joists. SAP supplied an error stating that the beam/column capacity 
ratio exceeds limit. This occurred for both columns too large and too small. A W12x96 
finally went through with zero errors and was selected for the final design. Table 3.4 
shows the final selections and the total length and weight for each member type.   
 

 
 

Size Type Length (ft) Weight (lb) 
BoxBeam28x6 Girder 2199.83 247,022 

W12x96 Column 33.38 3,203 
W8x40 Joist 1080.00 42,998 

 
Section 2.3: Analysis 
All load cases were run to ensure that all members were functioning properly and the 
deflection was below the requirement. This is calculated from the Equation 3.1 shown 
below: 

𝛿 =
𝐿

240
                                                        𝐸𝑞𝑢𝑎𝑡𝑖𝑜𝑛 3.1       

Table 3.3: Member sizes and corresponding characteristics 



P a g e  | 29 
 

 
 

where 𝛿 is the total allowable deflection and L is the unbraced length. The length of the 
bridge is 550 ft. so the allowable deflection is 2.29 inches. This was checked for all 
worst-case scenarios for the beams. This is found by running the steel design check 
analysis, which gives the demand capacity ratio for the worst-case load combination. By 
recording that combination and then viewing it on the deflected shape ensured that the 
deflection was not too large. The deflected shape is shown in Figure 3.5. The last span 
(span 7) has the largest deflection at 1.2545 inches in the –z direction.  

 
Both the moment and shear diagrams display reasonable patterns for the continuous 
span as can be seen from Figures 3.6 and 3.7. This involves a high moment and shear 
at supports and a negative moment between spans. This took numerous iterations of 
designs to reach reasonable diagrams with appropriate values for moments and shear. 
The reasons have been discussed in the previous sections. 
 
The final check was the steel design check, which creates a color-coded figure for the 
demand capacity ratio. Anything over a ratio of 1 is either at risk of failing or has failed. 
The ratios can be seen in Figure 3.8. As can be seen, some of the members are 
appearing red, which implies that they have a ratio over 1. This is, however, not true. 
The members can also appear red if any other error is appearing. Both the HSS28x6 
sections and the HSS36x6 sections have the error of not being seismically compact. 
However, in the sloped portions, that also use the same member size, this is not the 
case. This is a seismic error, and is outside the scope and timeline of the project, so it 
was ignored. All members that appeared red were checked to make sure the 
demand/capacity ratio was under 1 and their deflections were below the allowable 
amount.  
 
Section 2.4: Next Steps 
Other factors were not taken into account that would be required in a more 
comprehensive analysis. Every joint is welded which puts a greater importance on 
thermal loads. This affects the foundations and the interactions of the members. Being 

Figure 3.6: Moment diagram 

Figure 3.7: Shear Diagram 

Figure 3.5: Deck deflected shape 
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in Providence, the temperatures vary in a large array and could potentially affect the 
design. Finally, a more thorough examination would need to be done on the seismic 
errors of the bridge. Even though the member are technically not failing, the error is a 
cause for concern and a resolution, perhaps by a change of member size, needs to be 
implemented for the design to be complete. 
 
 

 
 
 
 
 

Figure 3.8: Steel Design check images. Right: Top three images show a close up of the two slopes and 
the horizontal plateau, while the bottom image shows the total structure.  Left: The legend for the 
demand/capacity ratio colors 



P a g e  | 31 
 

 
 

Chapter 4: Bridge Deck Hand Calculations & Vibration 
Analysis 
Author: Thomas Schiefer  
 
Section 1: Load Approximations 
 
Section 1.1: Dead Load 
The dead load calculation can be broken up into two parts: the member dead load and 
the decking dead load.  Based on some industry research for our design criteria of our 
wood decking, an estimate of 30 PSF was chosen to model the weight of the decking.  
The dead load from members had to be chosen before all member sizes had been 
finalized, therefore during the design process, this load became smaller as it was found 
that member sizes could be reduced.  For some calculations, a more conservative 
heavier load had been used.  The actual dead load used changed depending on the 
relevant members for the calculation.  This will be explained further in the member 
analysis section.  Below, Table 4.1 summarizes member types, member weights (in plf), 
total lengths in structure, and total weights in structure. 
 
Table 4.1: Member Weights and Total Weight in Bridge 

Member Shape 
Weight 
(plf) 

Total 
length in 
Design 

Total 
Weight in 
Design 
(Kips) 

Exterior Beam HSS28x6x1/2 112.46 2197.5 247.13085 
Decking Joists W8x40 40 1080 43.2 
Pier Joists HSS36x6x1/2 11.644 60 0.69864 
Decking Columns W12x96 96 55.44 5.32224 

Total Weight of Members 296.35173 
 
Section 1.2: Live Load 
 
The ASCE 7 Standard Code does not contain a live load value for Pedestrian Bridges, 
because bridges fall under the design constrains from AASHTO (American Association 
of State Highway and Transportation Officials), which was not accessible for this 
project.  Instead, a value of 85 psf was taken from the IBC (International Building Code) 
Table 1607.1 (40).  As an additional factor of safety, the live load was raised to 100 psf.  
This is in case additional live load is necessary for emergency vehicles or if additional 
load is added for equipment maintenance.   
 
Section 1.3: Snow Load 
 
ASCE 7 Standard and Rhode Island State Building Code describe required snow load 
values for different regions in Rhode Island.  For Providence, the design constraint is to 
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withstand a snow load of 30 psf.  This value has an additional factor of safety, because 
of the solar powered snow melting equipment on the bridge.  Therefore this load reflects 
a worst-case scenario, in which the equipment fails during a situation of maximum snow 
load. 
 
Section 1.4:  Wind Load 
 
The process for determination of wind loads is described in Chapter 26 of ASCE 7 
Standard.  The net wind pressure for wind forces is summarized by the equation below: 

 
𝑷𝒏𝒆𝒕 = 𝟎.𝟎𝟎𝟐𝟓𝟔𝑲𝒁𝑻𝑲𝒅𝑲𝒁𝑰𝑽𝟐   Equation 4.1 

 
KZT is the topographic factor and Kd is the wind directionality factor with both values 
found in Section 26.6 of ASCE 7.    KZ is the Velocity Pressure Exposure Coefficient, 
determined in Table 27.3-1 of ASCE 7 for a height of 20 ft.  I is the Importance Factor 
(1.0 for Category II buildings, 1.15 for Category III and IV buildings), and V is basic wind 
speed found for Providence in ASCE 7-05 maps.  A summary of the coefficients values 
found for the design of the bridge is displayed in the Table 4.2 below.   

 
Table 4.2: Wind Equation Coefficients 
Equation Constant 0.00256 
Topographic Factor Kzt 1 
Importance Factor, I 1 
Wind Speed, V  120 
Wind Directionality Factor, Kd 0.85 

Velocity Pressure Exposure Coefficient, Kz 0.62 
 

Pnet is output from the equation above with units of pounds per square inch (psf).  For 
member analysis, it is usually necessary to convert this to pounds per linear foot (plf) by 
multiplying the net pressure by the tributary depth, in order to model the wind pressure 
as a distributed load acting laterally on the bridge members.  The tributary depth is 
taken as the depth of the decking.  The wind force is displayed in Table 4.3 below.   

 
Table 4.3: New Wind Force on Decking 
Net Pressure, Pnet (psf) 19.427328 
Tributary Depth (ft) 0.5 
Wind Load, W (plf) 9.713664 

Notice that the calculated wind load is much lower than the gravity loads calculated 
earlier.  As a result, the Wind Load did not influence load factor combination for the 
member analysis. 
  
 
 



P a g e  | 33 
 

 
 

Section 1.5: Seismic Load 
 
The design process for determining seismic loads is outlined in Chapter 12 of ASCE 7 
standard.  Using the coordinates of the bridge, Mapped Acceleration Perimeters, S1 and 
Ss, for the site were found for the design site on United States Geological Survey 
(USGS) online mapping application to be 0.062g and 0.176 g, respectively. The site 
location was determined to be Site D for stiff soil, which is the typical default site type for 
most locations.  From the site classification and seismic values, the Site Coefficient, Fa 
is 1.6 from Table 11.4-1 in ASCE 7 Standard.  Based on these seismic criteria, the 
Spectral Design Response Acceleration Perimeter, SDS, and the Seismic Response 
Coefficient, CS, were calculated from Equations 4.2 and 4.3 below: 
 
     𝑺𝑫𝑺 = 𝟐

𝟑
𝑭𝒂𝑺𝒔      Equation 4.2 

 
    𝑪𝒔 = 𝑺𝑫𝑺

(𝑹𝑰)
    Equation 4.3 

 
Where R is Response Factor calculated which was found to be 1.25 from Table 12.2-1 
in ASCE 7 Standard, I is the Importance Factor which was obtained earlier for the wind 
calculation as a value of 1.  SDS was calculated to be 0.188, yielding a Cs value of 
0.1504.   
 
For this calculation, the bridge is approximated as a one-story building, and the Vertical 
Distribution Coefficient, CVX, is assumed to be 1.  Therefore lateral seismic load, Fx, is 
equal to the shear at the base of the structure, V. FX can then be calculated according 
to equation 4.4, below: 
 

    𝑭𝑿 = 𝑽 = 𝑪𝑺𝑾   Equation 4.4 
 

Where W is the total seismic weight from the structure.  This was calculated earlier at 
the total member weight in the dead load section.  The final seismic load is summarized 
in Table 4.4 below: 
 
Table 4.4: Seismic Load Summary Table 
Seismic Response Coefficient, Cs 0.1504 
Total Seismic Weight, W (Kips) 296 
Lateral Seismic Load, Fx (Kips) 44.84 

 
 
Section 1.6: Load Combinations 
 
Once all loads are calculated, they need to be factored appropriately based on the 
seven Load and Resistance Factor Design (LRFD) combinations, and the maximum 
combination is used for the member calculations because it provides a more 
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conservative analysis.  It is important to note that not all loads are acting in the same 
direction.  Snow, dead, and live loads all acting in the gravity direction, while Seismic 
and Wind loads act perpendicular to the gravity direction.  Depending on the member 
being considered, certain loads may not be needed for analysis based on relative size 
and the direction the force is acting.  This will be discussed in further detail for the 
member analysis section. 
 
Section 2: Member Analysis 
 
Previously, the computer rendering and analysis of the Decking component of the 
bridge on SAP2000 were discussed.  Now, the analysis of the members using the loads 
calculated above will be discussed and compared to the results output from SAP2000.   
Here, the method and results will be explained, but the actual hand calculation can be 
found in Appendix XX. 
  
Section 2.1: Girder Analysis 
 
The HSS28x6x1/2 custom girders were analyzed to determine whether they can resist 
the maximum moment exerted from the loading patterns.  Since these beams have a 
custom shape, there are no values for maximum moment it can withhold in the 
American Institute of Steel Construction (AISC) Steel Construction Manual.  Therefore, 
this value needed to be calculated by hand using sample calculations of the method to 
determine values for AISC Table 3-2 using steel with a Yield Stress, FY, of 50 Ksi and a 
Young’s modulus of 29x106 Ksi.  The primary properties and intermediate values are 
summarized in Table 4.5, below, including the primary result of the maximum moment 
design criterion. 
 
Table 4.5: Custom HSS28x6x1/2 

Material Properties 
Total Area (in2) 16.75 
Total Inertia (in4) 4727.1 
Yeff (in) 1.117 
Effective Inertia (in4) 4745.1 
Seff (in3) 971.8 
фMn (K-ft) 3644.25 

 
 
Once the design criterion has been calculated, the load acting on the girder needs to be 
calculated.  Hand calculations were performed for both an interior and exterior girder in 
horizontal plateau region, using lengths of 86 feet.  In order to calculate the magnitude 
of the load acting on the member, the tributary area, or area of loads that will be 
supported by the member, of each beam needs to be determined.  This is done by 
multiplying the length of the member by the tributary width. The tributary width can be 
used to convert the loading stresses into distributed loads in pounds per linear foot.  
Once the loads are in this form, they can be used to calculate the maximum moment felt 
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in the beam by approximating the exterior girder as a simply supported beam because it 
is supported by columns and the interior girder as a rigidly supported beam because it 
needs to be rigidly welded to the joist at the end of its span.  The equations for the 
maximum moment for simply supported beam and rigidly supported beam are shown 
below in equations 4.6 and 4.7, respectively. 
 

    𝑴𝑴𝒂𝒙 = 𝑾𝒖𝒍𝟐

𝟖
    Equation 4.6 

 
    𝑴𝑴𝒂𝒙 = 𝑾𝒖𝒍𝟐

𝟐𝟒
     Equation 4.7 

 
The forces and results for the girders are summarized in Table 4.6 below.  Although, the 
dead load from the joists technically function as point loads, because of their relatively 
small weight compared to the other loads and the fact that they are fairly distributed 
over the length of the girder, their weight was approximated as a distributed load. 
 
Table 4.6: Girder Analysis Summary Table 
  Interior Girder Exterior Girder 
Member Length (ft) 86 86 
Tributary width (ft) 6.67 3.33 
Tributary Area (ft2) 573.3 286.7 
Dead Load (plf) 334.2 223.3 
Live Load (plf) 666.7 333.3 
Snow Load (plf) 200 100 
Factored Load (plf) 1567.7 851.34 
Maximum Moment in Beam (K-ft) 483.12 708.39 
Max Allowed Moment (K-ft) 3644.25 3644.25 
Meets Design Constraint?   

 
As Table 4.6 demonstrates, both the exterior and interior girders are strong enough to 
withstand the moment created from the loading patterns.   
 
Section 2.2: Joist Analysis 
 
In the decking design, all joists are the same member type, W8x40.  However joists that 
are situated above the columns in the design actually function similar to a short-span 
girder, because the loads from the HSS28x6x1/2 girders feed into it before continuing 
down their load path to the columns.  Because these joists take a larger load, the hand 
calculations were run for the loading conditions of these joists.  The same moment 
analysis that was performed for the custom girder beams, were used applied to these 
joists, except the maximum moment capacity information was available in the AISC 
Steel Manual and did not need to be calculated.   
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One difference for the joist analysis is that since the weight of the girders is so large, 
they need to be treated as point loads for the moment calculation.  The maximum 
moment from each point load is shown by equation 4.8, below. 

   
    𝑴𝒎𝒂𝒙 = 𝑷𝒂𝒃

𝒍
    Equation 4.8 

 
P represents the point load, a is the distance from the point load to the left end, b is the 
distance from the point load to the right end, and l is to member length.  The point loads 
are calculated by multiplying the member length in pounds per linear foot by the 
tributary width.  The distributed loads, point loads, and respective moment contributions 
are summarized in Table 4.7, below. 
 
Table 4.7: W8x40 Joist Moment Contribution Summary Table 

Member Length (ft) 20 
Tributary width (ft) 8 

Tributary Area (ft^2) 160 
Dead Load (plf) 280 
Live Load (plf) 800 

Snow Load (plf) 240 
Factored Load (plf) 1736 

Maximum Moment from Distributed Load (Kips-ft) 86.8 
Point Load (Kips) 0.9 

Maximum Moment from Point Loads (Kips-ft) 8 
 
The various point load maximum moments along with maximum moment from the 
distributed load can be summed by theory of superposition for a conservative 
calculation of total maximum moment.  This is conservative because it assumes that the 
maximum moment from each load is occurring at the same point along the beam.  Table 
4.8 summarizes table for the moment in the joist. 
 
Table 4.8 W8x40 Joist Moment Summary Table 

Total Maximum  Moment (Kips-ft) 94.8 
Max Allowed Moment (Kips-ft) 149 

Meets Design Constraint?  
 

As the Table 4.8 demonstrates, the W8x40 beams are able to resist the moments from 
the girder point loads and the other distributed loads.  Since this was calculated for the 
worst loading case, it is clear that all of W8x40 beams meet the design restraint.   
 
Section 2.3: Column Analysis 
 
Although the columns under the horizontal plateau region are considered as part of the 
Pier design, the six columns under the sloped decking is part of the decking structure.  
Unlike the joist and girders which were only analyzed with gravity loads to check for 
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bending, the columns need to be analyzed with both gravity loads and seismic loads.  In 
this case, the gravity loads act in the axial direction and the columns need to be tested 
for failure in compression.  All of the decking columns are W12x96, with the longest 
column being 10.5 feet. After calculating the slenderness ratio, which is the ratio of 
effective length to radius of gyration for the member shape, all columns fall under the 
category of “short” columns.  
 
 Often columns are tested against Euler, or elastic, buckling.  However, the columns are 
not slender enough to deform in this way.  Instead they were tested for inelastic 
buckling and simply failing under shear yielding.  The hand calculations in Appendix XX 
show the calculation for inelastic buckling; however, since the slenderness ratio of the 
columns was so small, the only data from the shear analysis was used to test member 
strength.  The values for maximum shear value were taken from Table 4-1 in AISC 
Steel Manual.  The axial forces were evaluated by multiplying the applied stresses by 
the tributary area.  Results for the axial analysis of the most slender column are 
summarized below in Table 4.9.  
 
Table 4.9: W12x96 Column Axial Analysis Summary  

Effective Length (ft) 10.5 
Radius of Gyration (in) 5.43 

Slenderness Ratio 23.2 
Tributary Area (ft2) 1470 
Dead Load (Kips) 63.4 
Live Load (Kips) 147 

Snow Load (Kips) 44.1 
Factored Load (Kips) 333.4 

Maximum Allowable Load (Kips) 1127 
Meets Design Constraint?  

 
For the lateral analysis, the maximum moment generated by the seismic force is 
calculated to determine if the column is strong enough to resist bending.  The moment 
is calculated by treating the seismic load as a point load acting against the top of the 
column.  The moment is then found by multiplying the point load by the length of the 
member and compared to the maximum allowable moment found in the AISC Steel 
Manual Table 3-2.  The calculation for the same member analyzed for axial deformation 
is shown in Table 4.10 below. 
 
Table 4.10: W12x96 Column Lateral Analysis Summary 

Member Length (ft) 10.5 
Seismic Load (Kips) 44.84 

Maximum Moment (Kips-ft) 470.82 
Maximum Allowable Moment (Kips-ft) 551 

Meets Design Constraint?  
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For more slender members, any moment acting in the column provides increased 
chance of buckling, because as bending increases the critical force to cause buckling 
decreases.  In many cases it is important to analyze how the axial and lateral 
deformations interact with one another.  In this case, however, the risk of bending is so 
low for the columns, evidenced by the extremely low slenderness ratio, that there is no 
need to test this. 
 
Section 2.4: Comparison with SAP2000 Analysis 
 
Both the computer rendering and the hand calculations showed that the members in the 
design can withstand the loads applied.  There are some differences between how the 
hand calculations were performed and how the model was set up.  For instance, the 
girders were treated as a single beam for a span of 86 ft, matching what they would be 
in construction.  In the SAP model, however, they needed to be broken up between 
joists for the sake of software convention.  Also, in the model, all connections were 
treated as fixed joints because they were welded.  In the hand calculations, all joints 
were conservatively treated as pin joints, because realistically welds are imperfect and 
will transfer moments. Since the members are shorter and don’t translate moment, the 
maximum moment calculated in the member will be considerably less. Another source 
of discrepancy is that the computational capacity of SAP is very large, and the analysis 
software can run through the entire loading scheme thoroughly and not rely on 
conservative approximations that are necessary for manual calculation.   For these 
reasons, although both calculations demonstrated that the members will not fail, the 
hand calculations show members with noticeably higher moments even though input 
loads are relatively the same. 
 
Section 3: Vibrational Analysis 
 
A point of great concern for pedestrian bridges is how the reacted to vibrations.  All 
objects and structures vibrate to some extent; however, vibrations are of especial 
concern for pedestrian bridges because when people walk on a vibrating surface, they 
match the rhythm of the steps to the same frequency.  This matching of rhythm causes 
a phenomenon called resonance, in which vibrational amplitude increases when a 
vibrational frequency is matched. This can cause bridges to become dangerous and 
unusable.  A most famous example of this is the Millennium Bridge in London which had 
to be closed for two years for modification to remedy this issue.  In order to prevent this 
issue with the design of the bridge, the decking area was analyzed by both RAM 
Structural System and by hand calculations that were completed based on Steel Design 
Guide #11 “Floor Vibrations Due to Human Activity.”  The pedestrian bridge is said to 
satisfy the vibrational criterion if the acceleration limit, ao/g, does not exceed 5.00%. 
 
Section 3.1: Software Modeling 
 
Because SAP2000 does not have a vibrational aspect to its analysis, the decking was 
remodeled in RAM structural system.  Because the frequency if the decking and 
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members was being tested, it was only necessary to model one span of the bridge.  The 
RAM model was designed as a span in the horizontal plateau region, but does not 
match the bridge design perfect.  The custom HSS28x6x5/8 beams used as the girders 
for the main bridge design cannot be created in RAM.  Instead, the largest HSS beam 
was used in its place: HSS20x12x1/2.  Although not done for this reason, the lighter 
HSS beam provides a more conservative analysis, because lighter members are more 
susceptible to vibrations. The joists in the model also differ slightly from the proposed 
design.  In the RAM model they are W8x48 while in the proposed design they are 
W8x40.  It was discovered after the vibrational analysis was run that the beams could 
be made a little smaller, but because there was not constant access to vibrational 
analysis component of RAM, the model was not able to be run again.   
 
Another difference between the model and the proposed design is that the analysis 
needed to be run with a steel-concrete composite deck system as opposed to the 
wooden deck proposed for this design.  A steel-concrete composite decking systems 
has very different material properties compared to wood in terms of ductility, weight, 
natural frequencies, and so on. As a result, the RAM vibrational model likely does not 
model the proposed design too closely.  The 3D rendering of one panel of the bridge in 
RAM is shown below in Figure 4.1. 
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Figure 4.1: RAM 3-D Rendering for Vibrational Analysis 
 
The main key information output by the RAM vibrational software is the vibrational 
frequencies of the different members as well as the system as a whole and the 
acceleration limit, which are summarized in Table 4.11, below. 
 
Table 4.11: RAM Vibrational Analysis Summary Table 

Frequency (Hz) 

HSS20x12x5/8 2.65 
W8x48 4.95 
System 2.33 

Acceleration limit, ao/g (%) 2.16 
 
According to the RAM output, the design criterion for vibrational analysis is met: the 
acceleration limit is under 5.00% and so the design is considered safe for use by 
pedestrians.  
 
Section 3.2: Hand Calculation & Comparison 
 
For the hand calculation, the method demonstrated in Steel Design Guide #11 “Floor 
Vibrations Due to Human Activity” was followed in order to find the acceleration limit of 
the system and determine if it satisfies the criterion.  One important thing to note in the 
calculations is that although the custom HSS beams have been treated as girders for 
the design and analysis of the decking structure, in this case since it is only one panel, 
the W8x48 beams function as girders with the HSS beams distributing the load into 
them.   
  
In order to compare with values from the RAM design, the members and decking in the 
hand calculations match those used for the RAM analysis, even though they do not 
match the proposed design.  Following the method in Example 4.4 of the Steel Design 
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Guide #11, values for effective slab width, modular ratio, deflection, frequency, and 
panel weight are summarized in Table 4.12. 
 
Table 4.12: Summary of Calculated Values for Vibrational Analysis 
Member HSS20x12x5/8 W8x48 System 
Effective Slab Width, Seff (in) 80.04 96 -- 
Modular Ratio, n 10.23 10.23 -- 
Deflection, Δ  (in) 2.47 0.64 -- 
Frequency, f (Hz) 2.25 4.42 2.15 
Panel Weight, W (Kips) 260.1 82.9 244.4 

 
The full calculation of these values can be seen in Appendix XX.  For the case of an 
outdoor pedestrian bridge, point force, Po, is 92 lbs and damping ratio, β, is 0.01.  With 
this data the acceleration limit can be calculated using Equation 4.9. 
 
     𝒂𝒐

𝒈
= 𝑷𝒐𝒆−𝟎.𝟑𝟓𝒇𝒏

𝜷𝑾
    Equation 4.9 

 
Where fn is the frequency for the system and W is the panel weight of the system.  The 
acceleration limit was then calculated to be 1.8%, which like in the RAM model satisfies 
the design criterion.  A comparison of the values obtained from the RAM software and 
hand calculations is displayed in Table 4.13. 
 
Table 4.13: Comparison of Vibrational Analysis  

Output from: RAM Software Hand Calculations 

Frequency (Hz) 

HSS20x12x5/8 2.65 2.25 
W8x48 4.95 4.42 
System 2.33 2.15 

Acceleration limit, ao/g (%) 2.16 1.8 
 

As Table 4.13 above illustrates, the data found in the hand calculations matches the 
values output from RAM pretty closely.  The values from the RAM software are a little 
bit higher.  This is likely due to difficulties matching the deck in the RAM model which 
was constructed using different givens than those used in the hand calculations.  
However, both methods produced similar values and satisfied the design criterion for 
vibrational analysis. 
 
Section 4: Next Steps 
 
If this project were to be pursued further, the decking design should be additionally 
modeled in software that can model the girders for their full length to make for more apt 
comparison between the hand calculations and modeling, as well as have the modeling 
more greatly match the proposed design. More time could also be placed into the 
design of the custom beams.  This style of custom beam was chosen because of the 
design proposal, but perhaps a further look into case studies of similar bridges, could 
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provide more insight on the design of the custom beams.  Furthermore, torsional 
vibration analysis should be considered, as opposed to solely longitudinal vibration. 
RAM Structural system can only analyze one type of vibration, but there are more 
advanced vibrational software that can perform fuller analyses.    
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Chapter 5: Pier Deck Design and Analysis 
Author: Rachel Connor 
 
Section 1: Design Considerations 
 
One of the primary concerns when designing the pier decks of this pedestrian bridge 
was to ensure the stability and structural integrity of its cantilevered ends. Since the 
cantilevered spans reach a length of 40’, much attention was given to the connectivity 
and stiffness of those specific members. Additionally, the pier decks are an integral part 
of the connection between the main bridge deck and the piers that support the structure. 
Furthermore, the canopies are also integrated into the pier decks through the columns. 
As a result, the design considerations for this portion of the pedestrian bridge were 
highly collaborative with the rest of the group’s designs.  
 
To background the design of the pier decks, it is imperative that the original proposal be 
taken into consideration. Positioned at a 30° angle from the primary bridge deck, the 20’ 
wide pier decks mirror the location of the existing piers that support the entire bridge. 
The pier decks, as designed by Odeh Engineering, consisted of four parallel girders 
spanning 180’. Deep box beams placed 3.5’ on either side of the centerline are aligned 
with the supporting columns that run from the canopies above into the abutments below. 
The exterior beams were not designated in the Odeh design and were therefore left for 
further design. 
 
Other design challenges included the slight tapering of the box beams and the joists, as 
shown in the architectural plans (see figure 1 of the appendix). While this decision was 
assumed to be an aesthetic choice as opposed to structural one, it is important that the 
beams were assigned the appropriate properties in the design program. This was to 
ensure the accuracy of the model and its analysis. 
Finally, it is important to note here that the model was made separately from the bridge 
deck and the canopies above. As a result, the precision of this model to its realistic 
counterpart is less than 100%. However, the most realistic results are yielded from this 
approach and justify the loss of accuracy.  
 
Section 2: Design Process 
The process of design and analysis for the three pier decks will now be described. 
While the structural design is identical in all three piers, the third contains a staircase 
that was not included in the analysis due to the staircases’ aesthetic rather than 
structural nature. The pier decks were made entirely out of A992 grade steel with the 
exception of the existing concrete piers.  
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Section 2.1: Grids 
 
The structural design was modeled in the program SAP2000. First the geometric 
dimensions, such as the spacing between girders and joists, were taken from the Odeh 
design and then used to create a basic grid. As mentioned before, the 180’ long box 
beam girders were spaced 3.5’ from the centerline, leaving an 8.5’ spacing between the 
box beams and the exterior girders. The joists were determined to be spaced 10’ on 
center, with the exception of a 20’ portion where the main bridge intersects the pier 
deck. This 20’ gap was modeled to relate the pier deck and its structural design to that 
of the main bridge; however, the main bridge deck specifications take precedence in the 
design. This is because of the higher demands that are placed on the main bridge deck 
as compared to the pier decks and the therefore increased importance of those 
members. Resultantly, the 20’ gap contains two interior girders, which act similarly to 
the joists of the pier deck. The spacing between them is 6.67’ as compared to the 10’ 
spacing of the pier deck joists. The basic grid of the deck is shown in the figure below. 

 
 
 
 
 
 
 
 
 
 

 
Once the grid was created from these specifications, the framework was laid out. Using 
the draw frame tool, the spans were created for the box beams, exterior girders and the 
joists. Because the box beams are not a typical size, a specialized HSS Rectangular 
tube was designed in the Frame Sections part of SAP2000. The beam was designated 
to be 6” wide and 36” deep with a thickness of ½”. Originally, the spans were modeled 
to extend the 40’ length between the columns, and 20’ for the bridge gap. This will be 
adjusted and explained in the analysis portion of this report. Furthermore, these girders 
were tapered on each end in the last 20’ of their spans. In order to properly model this, 
the non-prismatic section modeler was utilized. A separate HSS tube was designed to 
be 6” wide and 12” deep. Then, using the modeler, the beam was designated to taper 
from a 6”x36” to a 6”x12” box beam for a distance of 20’. When this tapered effect was 
extruded into a 3D version, it was discovered that the top flange of the beam was 
tapering downwards instead of remaining straight (see figure 1 of the appendix). In 
order to make the beam look realistic, the frame would have lost its structural 
connectivity in SAP2000. Despite this issue, the properties that were being modeled 
remained intact regardless of the orientation, which was imperative to the design and as 
a result, the issue of its orientation was of little importance compared to the connectivity 
of the frame sections and their properties.  
As mentioned before, the joists experience a similar tapering effect as the box beams 
but in the 8.5’ span from the interior to exterior girders on either side of the pier deck, 

Figure 23 – Plan View 



P a g e  | 45 
 

 
 

while the 3.5’ section would be the larger of the two tapered sections. The same 
process used to design the box beams was utilized for the joists. Similar issues arose 
from this process and again the decision was made to disregard this minor aesthetic 
issue and to maintain the structural integrity of the design. It was decided that the joists 
would be WT sections as compared to wide-flange sections because of the 
unnecessary addition of the bottom flange. In the original design, these joists appear to 
be similar to WT sections as there is no lower flange, which also led to the decision to 
use structural tee sections for aesthetic purposes. The specific sections were chosen so 
that their flange widths were approximately the same for constructability reasons. Thus, 
WT18x85 and WT6x85 sections were chosen for the 8.5’ tapered joist section. The 
design of this joist, and that of the box beam girder, is shown in the appendix (figure 2).  
The exterior girders were designed to span the same length as the interior box beam 
girders but their type was auto-selected from a selection of all of the wide flange beams. 
SAP2000 will later design these sections and this process will be discussed in the next 
section. I-Beams were chosen due to their general stability. It was to be expected that 
some of the loading would be transferred from the exterior girders, joists and the box 
beam girders that would then transfer to the columns. For this reason, the girders, 
especially the exterior girders were designed for extra stability.  

Finally, columns were placed in the model in concordance with the adjoining columns 
supporting the canopies. The columns were spaced every 40’, again with the exception 
of the 20’ gap for the bridge deck. In this case, the columns were placed on either side 
of the main bridge deck. To reiterate, the columns designated the span lengths of the 
girders. This was for simplicity and cohesion of design. The columns were restrained at 
their ends where they will extend into the piers. According to the literature put forth by 
Odeh Engineers, large cruciform columns would have been designed to carry not only 
the loads from the canopies, but also the loads transferred from the pier decks into the 
piers below. The immensity of these loads would have resulted in an enormous, 
specialized column size that was not readily available in the program. As a solution to 
this issue, two columns were connected at the joint between a box beam and the 
adjoining joists in order to achieve the appropriate fixity. In this way, SAP2000 would 
understand that the loads were to be transferred from the box beams to the columns, as 
it would be in the actual design. It was expected that the size of these columns would be 
quite large so again the size was auto-selected in the same manner as the exterior 
girders. Figure 2 shows the basic layout of the bridge in section view, including the 
spacing between the columns. 
 
    
 
 
 
 
 
 

 
 

 

Figure 2 – Section View 
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Section 2.2 Loads 
 
The types of loads that were applied to this structure were based off of the International 
Building Code. While some of the loads were determined by sub-codes of the IBC 2009, 
the values are summarized in Table 1 of the appendix. 
 
In SAP2000, load patterns have to be designated in order to run load combinations. The 
load patterns included dead, live, deck, snow, wind and earthquake, the latter two being 
lateral load cases. These were further modified in order to correspond with the 
appropriate codes (both IBC 2009 and ASCE 7-10).  
 
According to article 3.6.1.6 of the AASHTO LRFD Guide Specifications for the Design of 
Pedestrian Bridges, the live load of a pedestrian bridge is to be 85psf. However, in order 
to account for maintenance trucks, the live load was determined to be 100psf. The snow 
load was determined by the Rhode Island State Building Code, which designated the 
load to be 30 psf in the Providence region where the bridge is located. Decking, which 
was applied as a dead load, was determined to be 40 psf. The reason behind the value 
of this load was to maintain a conservative approach to the modeling process. The wind 
load was calculated according to article 6.5.10 of the ASCE 7-10. The simplified 
equation is as follows:  
 

qz=0.00256KztKzKdV2I (lb/ft2) 
 

The values of these coefficients are summarized in Table 2 of the appendix. These 
coefficients were then input into the lateral load component of SAP2000 under the load 

Figure 3 – 3D View 
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patterns designations. Multiple wind loads were applied at different angles, ranging from 
0 to 90 degrees, in order to create a variety of conditions to be analyzed.  
In order to apply these loads, a rectangular area was created that surrounded the 
boundary of the pier deck. Using the Uniform to Frame (Shell) area load application, the 
live, snow and deck load were applied to this area. All loads were applied in the 
direction of gravity. The dead load was defined in the load patterns portion of SAP2000 
to have a self-weight multiplier value of one while all other loads valued zero. Also, a 
multitude of premade load combinations that were derived from ASCE 7-10 were loaded 
into the program to be used for analysis.   
 
Section 3: Design Analysis 
 
This section will highlight the technical aspects of the design project. Much of this will 
have to do with refining the model in order to function as realistically as possible, while 
maintaining the limitations that are designated by the codes.  
 
Section 3.1: Errors 
 
Once the design of the layout was completed, the loads applied and the sections and 
loads cases defined, the model was run through a preliminary analysis. The results of 
this analysis showed extremely high deflections, well beyond the expected range 
([L/360]*2 for cantilevers). The deflections of the cantilevered regions, the main source 
of deflection, reached values of up to 26”. It was only the exterior girders that showed 
large deflections, while the interior box beams showed deflections nearing 2”. Because 
of the joists that connected the four girders together, the entire cantilevered section 
deflected the same amount.  
 
However, despite these large deflections, the model returned moment and shear 
diagrams that would be expected from a bridge of this type. It was clear from the 
concentration of moments towards the fixed end of the cantilevered members and the 
increased shear towards the columns that the model itself, separate from the large 
deflections, was functioning. The original moment and shear diagrams for the box beam 
girders are shown in the appendix (figures 3 & 4). 
 
In order to further pinpoint the issues behind the large deflections, the steel design 
analysis was run in order to check that none of the members were failing. As it turns 
out, none of them were. In fact, a majority of the exterior members of the cantilevered 
end showed extremely low demand/capacity ratios, which was strange considering the 
amount these members were deflecting. In addition to a steel structure check of the 
members, this portion of the program designed the optimal member size for the exterior 
girders. The resulting size was a W14x68. This again seemed strange considering that 
the majority of the deflection came from these members.  
 
The one consistent warning that did appear was related to the seismic compactness of 
the box beam sections and the tapered WT sections. Despite the demand/capacity 



P a g e  | 48 
 

 
 

ratios ranging from approximately 0.012 to 0.164, a warning suggested that the section 
was not seismically compact. It would seem that because the members were designed 
and not chosen from a set list of existing HSS and WT members, that the program was 
unsure of their capacities. Nevertheless, the seismic effects on this bridge were 
considered to be negligible in comparison to the live loads that it would have to endure. 
For these reasons, it was decided that the design could move forward without directly 
addressing this specific issue.  
 
Section 3.2: Solutions 
 
The issue of the large deflections was solved in part by addressing the way in which the 
loads were being applied. The Uniform to Frame (Shell) area load application turned out 
to be distributing the loads as line loads along only the frames on the boundaries of the 
deck, as evidenced by the high deflections. Instead, the Uniform (Shell) area load was 
applied which evenly distributed the loads across the entirety of the area. This resulted 
in a significant drop in the deflections.  
Nevertheless, the deflections were still six times the acceptable amount. It was then 
decided that the sizes of the exterior steel members were not stiff or deep enough to 
bear the given loads. The sizes were incrementally increased but even the largest W 
section (W44x365) did not suffice. Extensive welding to the cantilevered ends was then 
implemented in order to further reduce the amount of deflection. As a result, the 40’ 
cantilevered spans were split into four separate, 10’ pieces and welded to increase 
stiffness. Because of this decision, it was necessary to exclude the tapering effect that 
was originally suggested. This did not threaten the stability of the structure and for that 
reason the exclusion of this aesthetic feature was acceptable. What resulted was a 
dramatic decrease in deflections from 12” to a mere 1” in the worst load case scenario. 
With the exterior members still assigned to the largest size, the incremental increase 
was then reversed in order to find the optimal section for deflection. As it turns out, the 
optimal section was the W14x68 section that was chosen by SAP2000 in the beginning 
stages of the analysis.  
 
Section 3.3: Final Design 
 
What resulted from the extensive design and analysis process is the following design: 

• The interior girders are customized HSS rectangular sections with the 
dimensions of 6”x36”x1/2”. The span lengths are 10’ in the cantilevered end and 
40’ in the interior sections. 

• The exterior girders are W14x68. These girders are separated into four pieces 
along the 40’ cantilevered spans and then welded together in order to achieve a 
greater stiffness and a lesser deflection. The interior spans are not separated 
and are thus 40’.  

• Joists of a customized shape, tapering from a WT6x85 to a WT18x85, span the 
20’ width of the pier deck and are placed every 10’.  
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• The columns, as designed by SAP2000, are W33x248. There are two columns 
fixed to the box beams and are placed every 40’ with the exception of the 20’ 
separation that surrounds the bridge deck.  

• Within the 20’ gap designated for the main bridge deck, the sizes and spacing 
correspond to the design set forth by the main bridge deck design. The girders 
from the bridge deck, which act as joists in the pier deck, are HSS6”x28”x½”. 
Additionally, the joists, acting as girders in the pier deck design, W8x40.  

A diagram of the final design with the design sections can be found in the appendix 
(figure 5). 
 
 
Section 4: Discussion 
 
The following section will be an in depth discussion of the final design and its results. 
Then, specific hand calculations will be explained in order to verify the structure’s 
design with theory.  
 
Section 4.1: Deflections 
 
As mentioned in section 3.1, the deflections of the cantilevered ends of the pier decks 
were a primary concern. The acceptable amount of deflection for a cantilevered beam is 
[(L/360)*2]. The length of the cantilevered portion of the pier deck is 40’ (480”), therefore 
limiting the maximum amount of deflection to 2.67”. With the final design in place, the 
deflection of these cantilevered ends was found to be 1.9593” at the worst-case 
scenario (load combination DSTL26). The deflected shape is shown in figure 4.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
 Figure 4 – Deflected Shape 3D View 
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Section 4.2: Steel Member Check 
 
The following figures show that the members do not fail. A majority of the deck 
members have very low values, meaning that the beam capacity is well beyond the 
loading demands. It would be more economical to lower the weight and sizes of these 
beams; however, that would affect the amount of deflection in the deck. For this reason, 
these design sections, as discussed in section 3.3, were determined to be the optimal 
size. Figure 5 shows the numerical values of the demand/capacity ratio. The closer the 
value is to 1, the higher the risk of failure. As it can be seen, the values are closer to a 
value of zero, meaning that the beams are sufficient for the given design. Tabulated 
values of these ratios are given in Table 4 of the appendix.   
 
 
 

Despite the low demand/capacity ratios, the interior box beams and the customized, 
tapered joists are red. Usually this means that the members are failing. However, in this 
case, the only warning that was shown was associated with the seismic compactness of 
these members. Each member was checked in order to verify that these sections were 
not failing.  Furthermore, the demand/capacity ratios of the columns show different 
colors. This is because of the type of loadings and type of sections that are associated. 
It makes sense that the value are higher in the columns that do not support the bridge 
deck because the joists that sit on top of them are not as strong as those of the bridge 
deck. The columns surrounding the bridge deck have the 6”x28”x1/2” girders as joists 
which aid in the distribution of moment. For this reason, the demand capacity ratios are 
lower. 
 
Section 4.3: Moment Diagrams 
The associated moment diagrams of this design are consistent with what one would 
expect from this type of analysis. For example, the increased moments of the 
cantilevered beams increase towards the support in the expected shape for the 
conditions of this design. Furthermore, the moment diagram of the exterior girder shows 
that the beam was analyzed as a 5-span continuous beam, with the anticipated 
concentration of moments at the ends of the spans. These moment diagrams will be 
discussed more in correlation to the hand calculations that follow. Figures 6, 7 & 8 show 
the moment diagrams of the 180’ interior box beams, exterior girders and the 20’ joist 
types, respectively.  

Figure 5 – Demand/Capacity Ratio Values 
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Section 4.4: Hand Calculations 
 
These hand calculations are intended to show consistency between the program’s 
design and the theory behind it. A majority of the hand calculations solve for the 
moments of specific members that are then compared to the moment capacity of the 
members in question.  
 
First, the cantilevered portion of the box beams was analyzed. The 40’ span was 
modeled as a beam with one end fixed and the other supported (this is because of the 
joist at the end). There is a 1.338 kip/ft distributed load placed along the length of the 
beam as well as three point loads, each 13.992 kips, placed at the location of the joists. 
The sum of the moments was calculated to be -523.95 kip-ft, this being the ultimate 
moment (Mu). This value was used to calculate the minimum required plastic modulus 
(Zx). Because this specific beam is not tabulated in the AISC Steel Manual, its plastic 
modulus (Zx) was taken from SAP2000 and found to be 401.75 in3. Using Table 3-2 of 
the Steel Manual, a similar section and ɸbMpx were found. This moment capacity was 
then compared to the calculated design moment of the box beam in order to assure that 
the ultimate moment was less than the moment capacity. The moment capacity 

Figure 6 – Moment Diagram of Box Beam 

 

Figure 7 - Moment Diagram of Exterior Girder 

Figure 8 – Moment Diagrams of Joist; (a): typical span (b): column span 

         (a)              (b) 
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associated with this Zx value was found to be 1530 kip-ft. Comparing the ultimate design 
moment with the moment capacity shows that the design of the beam is conservative 
enough to support the loads and explains the low demand/capacity ratios.  
 
The exterior girders were approached differently. When looking at the girder in section, 
it can be seen that there are no direct supports as there are with the box beams. For 
this reason, the beam is cantilevered in two directions at the 40’ span ends. In order to 
be analyzed, it was determined that the exterior girder would be considered as a 
continuous beam. This decision also stemmed from looking at the moment diagram 
(figure 7). It is clear that SAP2000 had analyzed it as such due to its shape. Taking into 
consideration that the spans were of different lengths, each span was analyzed 
separately. The largest moment that resulted from these calculations was then taken to 
be the nominal moment (Mn) of the beam. Unlike the interior girder, no point loads were 
placed on this beam. This is because the exterior girder is essentially acting as a joist 
that transfers its loads and moments to the actual WT joists that then transfer loads and 
moments to the interior girders. The virtual-work method was used to analyze each 
span of the continuous beam. From these results, Mn was found to be -260.08 kip-ft. Mu 
was then calculated and the same process as described before was used to check that 
the W14x68 section was sufficient for the design. It, along with the W8x40 beams used 
in the bridge design, was accepted.  
 
Finally, the joists that are atop columns were analyzed as a beam with two supports and 
two 8.5’ spans overhanging the beam. The Mu was found to be -80.55 kip-ft with a 
distributed load of 2.23 kip/ft. The required plastic modulus of this ultimate moment was 
found to be 21.48 in3, while the plastic modulus of the WT section was 65.3 in3. 
Additionally, the moment capacity of 240 kip-ft was well above the final design moment 
of 84.24 kip-ft. The same process was used to analyze the typical joists within the spans 
that as described for the exterior girders. Plastic analysis was used with two plastic 
hinges forming where the joists meets the interior girders. From this calculation, it was 
found that Zx was required to be larger than 3.2208 in3. The smallest plastic modulus 
used in this WT Tapered section was 25.6 in3, well above this limit.  
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Chapter 6: Canopy 
Author: Ka Ling Wu 

Section 1: Introduction 
 
Three 180 feet long, 22 feet wide, tampered metal clad canopies are used to shelter the 
three pier decks and to provide shade in summer and cover for rain sensitive outdoor 
events. The canopies are designed to be deep “V” structures. Light weight steel truss-
framed structures with maintenance free metal cladding are used to ensure the 
economical benefit of the project. In addition, photovoltaic panels and evacuated tube-
solar-collectors are installed on the canopies to enhance snow melting and thus the 
sustainability of this pedestrian bridge project. 

Figure 6.1. Rendering of the three deep “V” tampered metal clad canopies 

Section 2: Design Considerations 
As aforementioned, the three canopies are 180 feet long, 22 feet wide. Each of them 
has four columns supporting itself (Column 1 to 4 from left to right). In the following 
sections, the gravity and lateral load constraints and deflection limits will be discussed. 
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Figure 6.2. Schematics of the canopy according to the architectural plan 
 

Section 2.1: Gravity Load Constraints 
In order to comply with the ASCE-7 Standard, LRFD load combinations are considered. 
For the structural design of the canopies, the following gravity loads are considered: 
1. Dead load 

The self weight of the canopies is considered. In addition, a uniform 5 psf dead load 
is added in addition to the self weight of the canopies to account for the dead load 
due to the metal cladding and the photovoltaic panels and evacuated tube-solar-
collectors proposed. 

2. Live load 
A uniform 20 psf live load is evaluated as the canopies will not have any occupancy 
and this value is used to account for the live load due to maintenance purpose. 

3. Snow load 
A uniform 30 psf snow load is assessed according to the annual amount of snow 
received in Rhode Island set forth by the Rhode Island Building Code 

Section 2.2 Lateral Load Constraints 
The wind load and seismic loads are examined in the following design to ensure the 
structural design of the canopies could withstand a wind load of 120 MPH specified by 
ASCE-7 and a seismic load specified by the earthquake data from U.S. Geological 
Survey and constraints set by ASCE-7. 

Section 2.3 Structural Deflection Limits 
For the design of the steel structure, not only the axial and flexural strength of the steel 
members have to be considered, the deflection limits also require examination. With 
reference to the schematic architectural design, the end edges and corners of the 
canopy are going to have the maximum deflection. Since the ends of the canopy is not 
directly supported, they are considered as cantilever spanning from the closest 
columns. As a result, the deflection limits are defined to be  

where L is the length of the span of the cantilever in inches. 
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Section 3: Design of the Structure of the Canopies 
 
With the given architectural design, the canopy is designed to have 18 trusses, each is 
10 feet apart from each other. In addition, the trusses are designed to be fan trusses to 
allow the columns directly pass through the middle of the trusses and reach the top of 
the canopies. As a result, the columns do not need to be discontinued at the bottom of 
the trusses, thus reducing the moment generated at where the top of the column and 
the bottom of the truss are suppose to meet. The structural analysis software SAP 2000 
is used to design the structure of the canopies. The structure is first designed as a 
frame and appropriate releases are imposed to the design to model the structure as 
truss instead of frame. Furthermore, the non-translational and non-rotational joints are 
imposed at the bottom of the column, acting as joint restraints. The truss design, the 
frame releases, the joint restraints and the position of the columns are indicated in the 
following blueprint. 

Figure 6.3. Three-dimensional view of the canopy structure. Green points demonstrate where 
the releases are assigned. 
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Figure 6.4. Top view of the canopy structure. Green points demonstrate where the releases are 
assigned. 

 
Figure 6.5. Side view of the canopy structure. Green squares at the bottom demonstrates where 
the joint restraints are assigned.  

Figure 6.6. Front view of the canopy structure. Green points demonstrate where the releases 
are assigned and green squares shows where the joint restraints are assigned. 
 

Section 3.1: Gravity Load Analysis 
As mentioned in Section 2.1, the gravity load, which includes the dead load, live load 
and snow load, is examined using LRFD load combinations to comply with ASCE-7. 
Both computational and manual structural analysis are performed and the results are 
compared. In the computational analysis, the gravity load is considered as a uniformly 
distributed load and it is applied as an area load on the top of the canopies. The steel 
design analysis function is run to obtained the preliminary sizes of the members. 
 
In the manual analysis, the dead load is approximated using the sizes of the members 
obtained from the preliminary design of the canopies from the SAP 2000 model, while 
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other gravity loads remains the same as those mentioned in Section 2.1. The axial load 
of the truss members is investigated through the method of joints. The loads acting on 
the trusses are calculated using the concept of tributary area. The calculated loads are 
then approximated as point loads acting on the five joints on the top of the canopy. The 
calculated load acting on a truss is 19.01 Kip in SAP 2000 and it is 17.1 Kip in manual 
calculations. The discrepancy is mainly due to the estimated self-weight of the members 
in the manual calculations. According to the SAP 2000 simulation, the biggest column 
size required for gravity load is W16x77. 

Section 3.2: Lateral Load Analysis 
Section 3.2.1: Wind load 
According to ASCE-7, structures in Rhode Island have to withstand a wind load of 
120MPH. The wind load is analyzed in SAP 2000 and manual calculations. In the 
manual calculations, the following parameters shown in Table 6.1 are used according to 
ASCE 7-10 Chapter 26. 
 
Table 6.1. Parameters used in manual wind load calculations 

Parameter Symbol Value 

Directionality Factor Kd 0.85 

Topographic Factor Kzt 1 

Velocity Pressure 
Exposure Coefficient 
Evaluated at Height z=h 

Kz 0.69 

Basic Wind Speed V 120 mph 

Importance Factor I 1 

Average Height of the 
Structure 

h 28.75 ft 

Gust-effect Factor G 0.85 

External Pressure 
Coefficient 

Cp Windward Wall I: Cp = 0.8 

Leeward Wall: Cp = -0.5 

Side Wall: Cp = -0.7 

Windward Roof I: Cp = -0.436 

Windward Roof II: Cp = 0.064 
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The velocity pressure is evaluated as 21.621 psf using the following equation 
With the velocity pressure evaluated, the design wind pressure is calculated by 
introducing a gust-effect factor and external pressure coefficient. The equation for the 

design wind pressure is shown below 
where qi(GCpi) is zero. 
 
The following Table 6.2 summarizes the wind pressure acting on the structure2. 
 
Table 6.2. Summary of the design wind pressure acting on different surfaces 

Surface Wind Pressure, psf 

Windward Wall 14.7 

Leeward Wall -9.2 

Side Wall -12.9 

Windward Roof -8 

1.2 

Leeward Roof -11.0 

 
Figure 7. Design wind pressure. Left: Wind pressure acting toward roof. Right: Wind pressure acting away 
from roof. 

Section 3.2.2: Seismic Load 
The canopies are considered to be in Site Class D, Risk II category and Seismic Design 
Category B. The following parameters are used, part of them comes from the U.S. 
Geological Survey and part of them comes from ASCE 7-10. 
                                                 
2 The detailed of the manual wind calculations are shown in the appendix. 
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Table 6.3. Parameters used in manual seismic load calculations 

Parameter Symbol Value 

Mapped MCER, 5 percent damped, spectral response 
acceleration parameter at short periods 

Ss 0.176g 

Mapped MCER, 5 percent damped, spectral response 
acceleration parameter at a period of 1 s 

S1 0.062g 

Mapped MCEG peak ground acceleration PGA 9 

The MCER, 5 percent damped, spectral response acceleration 
parameter at short periods adjusted for site class effects 

SMS 0.282g 

The MCER, 5 percent damped, spectral response acceleration 
parameter at a period of 1 s adjusted for site class effects 

SM1 0.148g 

Design, 5 percent damped, spectral response acceleration 
parameter at short periods 

SDS 0.188g 

Design, 5 percent damped, spectral response acceleration 
parameter at a period of 1 s 

SD1 0.098g 

Long-period transition period TL 6 s 

Mapped value of the risk coefficient at short periods CRS 0.9 

Mapped value of the risk coefficient at a period of 1 s CR1 0.9 

Short-period site coefficient (at 0.2 s-period) Fa 1.6 

Long-period site coefficient (at 1.0 s-period) Fv 1 

 
With the parameters mentioned, the approximate fundamental period is calculated to be 
0.2666 s, the design spectral response acceleration Sa is calculated to be 0.188. The 
seismic force is calculated to be 15.04 Kip using the following equations 3.  

 
 
 

where Cs is the seismic response coefficient, R is the response modification factor, V is 
the seismic base shear, W is the effective seismic weight, Fx is the lateral seismic force 
and Cvx is the vertical distribution factor. 
 

                                                 
3 The detailed of the manual seismic calculations are shown in appendix. 



P a g e  | 60 
 

 
 

In the SAP 2000 model, the base sheer calculated is 14.219 Kip. The manually 
calculated seismic load has a 5% difference comparing to the seismic load calculated 
by SAP 2000. The discrepancy is again due to the approximated self-weight of the 
canopy. In the manual calculations, an approximate self load of 100 Kip was used while 
in SAP 2000, the self weight is 94.672 instead. 

Section 3.3 Deflection Limits 
With all the gravity and lateral loads applied, the SAP model is run and the results are 
revised. As the two sides of the canopies are only supported by one column, they are 
acting as cantilevers and thus will have the maximum deflection. The deflection limit is 
given by the equation stated in Section 2.3. Since the spans of the cantilevers are 40 
feet long, the maximum deflection allowed is 4 inches. Figure 8. below demonstrates 
the design of the canopies before the consideration of deflection limits 4. 

Figure 6.8. The structure of canopies designed by SAP2000 before the consideration of deflection limit 
The deformed shape is shown in Figure 6.9. It is shown in SAP 2000 that the deflection 
of the corners of the structure exceed the aforementioned deflection limit, which means 
the connection among the trusses are not strong enough. As a result, stronger 
members connecting the trusses need to be used and they are assigned manually to 
the SAP 2000 model. With the modification of the member sizes, the maximum 
deflection is reduced to 3.8 inches, which is below the deflection limits. Figure 6.10. 
depicts the final deformed shape with the worst load combination after the modification 
of the member size, a scale factor of 20 is used to demonstrate the deformed shape. 
 
 
 

                                                 
4 For the columns in red, the error shown in SAP 2000 was “Beam/Column capacity ratio exceeds limit”, 
which is an error associate with seismic calculations. However, due to the scope of this project, this error 
is ignored. Thus, the design is still consider valid. 
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Figure 6.9. The deformed shape of the structure of canopies 
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Figure 6.10. The final deformed shape of the structure of canopies with the worst load 
combination 

Section 4: Results 
 
After looking into the gravity and lateral load, and the deflection limits, the structure of 
the canopies is designed. The following tables summarize the column sizes, reaction 
forces, and the material list. Figure 6.11. and Figure 6.12. show the final design of the 
canopy and the truss 5. 
 
Table 6.4. Summary of the column sizes 

Column Sizes 

1 W36x170 

2 W27x102 

3 W21x122 

4 W30x191 

                                                 
5 For the columns in red, the error shown in SAP 2000 was “Lb/ry > 0.086*E/Fy (AISC 341-Part I 9.8)”, 
which is an error associate with seismic calculations. However, due to the scope of this project, this error 
is ignored. Thus, the design is still consider valid.  
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Table 6.5. Summary of the reaction forces at columns for the worst load combination 

Column Reaction Force, Kip 

1 -29.976 

2 -9.332 

3 -16.535 

4 -28.464 
 
Table 6.6. Summary of the canopy material list 

Member Section Total Number of 
Pieces 

Total Length, inch Total Weight, Kip 

W6X9 87 556.6443 5.18 

W6X12 2 11.1517 0.137 

W6X15 4 22.2373 0.342 

W6X25 75 412.5 10.513 

W8X10 2 11.0856 0.114 

W14X68 42 420 29.167 

W16X50 24 240 12.25 

W18X76 1 5.5 0.426 

W21X111 2 2.75 0.312 

W21X122 1 15.5 1.932 

W24X76 24 240 18.667 

W24X131 2 20 2.674 

W27X94 16 28.875 2.777 

W27X102 18 63.625 6.628 

W27X114 1 2.75 0.32 

W30X191 1 15.5 3.019 
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Member Section Total Number of 
Pieces 

Total Length, inch Total Weight, Kip 

W33X169 2 5.5 0.945 

W36X170 1 15.5 2.691 

Total 305 2089.1 98.1 

 
 
 
 

 
Figure 6.11. The final design of the structural of canopies 
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Figure 6.12. Sample final design of the trusses 

Section 5: Conclusion and Discussion 
 
To conclude, the structure of the canopy is designed to resist gravity and lateral load, 
and to maintain deflection within the deflection limits. The largest column size used is 
W36x170. There are in total 305 pieces of member with a total weight of 97.5 Kip. 
 
The structure of the canopies is successfully designed, but some major challenges that 
were faced. Firstly, the structure was modeled as a truss by modeling it as a frame with 
releases. However, releases could not be assigned at all the joints to ensure the sides 
of the canopy roof behave as cantilevers. Furthermore, in a bid to reduce the deflection, 
different member sizes were investigated by using manual selection in SAP 2000. Also, 
during the beginning of the project, the thickness of the shell was mistakenly set as 12 
inches of 50 grade of steel. This has greatly affected the chosen steel section during the 
beginning stage of the project and prolonged the design process. 
 
In addition, there are still a lot of rooms left to improve the design. Yet, due to the time 
scope of this project, it was not possible to fully address all the potential improvement.  
To begin with, the two errors that are mentioned in this report should be re-examined. 
Truss types, other than fan truss and member section, other than flange section should 
also be investigated. Overall, the structure of the canopies was designed to fulfill all the 
requirements. 
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Chapter 7: Sustainable Features 
Author: Beverly Xu 
 
One critical objective of the Project Manager was to ensure the bridge design was 
environmentally sustainable. According to the USGBC LEED Green Associate Study 
Guide, a primary consideration for green building materials and resources is the 
selection of sustainable materials with environmentally ethical life-cycle impact.6 Life-
cycle impact measures the impacts associated with a material throughout extraction, 
processing, manufacturing, transportation, end use, and disposal. Measurements of 
sustainability can include whether the resource is rapidly renewable, recyclable, 
regional, or extracted sustainably. For the pedestrian bridge project, one material 
resource in particular that was subject to scrutiny was the wood decking.  
 
Section 1: Wood Decking 
 
The principle considerations for selecting the wood for the pedestrian bridge decking 
included availability of the wood, structural properties, cost, and sustainable 
certification. To ensure that the wood for the bridge decking was sourced through 
environmentally sustainable methods, FSC certification would be specified and a Chain 
of Custody number requested. FSC certification entails the wood has met responsible 
forest management criteria. While regional wood would be ideal to minimize 
transportation impact, FSC wood distributors generally do not remain with local markets 
and availability would be severely limited. The wood decking must be structural grade 
as well, which is yet another limiting factor on availability with respect to cost and 
sustainability. In consideration of FSC certified wood availability, structural integrity, and 
resilience to Providence weathering, ipe was determined to be the preferred wood 
species. Ipe is a dense hardwood popular in outdoor building construction for its 
durability and its resistance to rot and decay.  However, the decking is designed with 
conservative parameters to allow for large variation in wood properties in the likely case 
that the subcontractor’s wood suppliers are unable to provide certified ipe when desired. 
 
Fiber Reinforced Polymer was considered as an alternative to wood for environmental 
sustainability, as well as economic advantages. The Federal Highway Administration 
has a program for Innovative Bridge Research and Construction, a funding program that 
fosters the use of FRP composites for bridge decks and superstructures. FRP is 
attractive as a recycled material made from reused plastics, as well as for its durability, 
resilience, and much lighter weight. The potential reduction in dead load could lead to 
material savings, although since FRP is a relatively new material to the construction 
industry, the material cost savings may be counteracted by additional fees for skilled 
workers and challenging constructability. There is no current standard manufacturing 
process and has high initial costs.7 Ultimately, copious research on the experimental 

                                                 
6 “Materials and Resources.” USGBC LEED Green Associate Study Guide. 
7 Jerry O’Connor, “Current Practices in FRP Composites Technology.” USDOT FHA: Bridges 
and Structures, 7 August 2013. <https://www.fhwa.dot.gov/bridge/frp/deckprac.cfm> 
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use of FRP in heavy construction suggests that it may be structurally deficient with the 
bridge design’s span lengths. Most designs using FRP are governed by deflection 
limitations rather than strength limitations, and the capstone bridge design may be 
subject to large deflection or vibration. Conventional steel and wood framing was 
pursued instead. 
 
Section 2: Solar Heated Glycol Snowmelt System 
 
In addition to structural design criteria, efficient and sustainable maintenance of the 
bridge was also taken into consideration. One special feature designed for bridge 
maintenance was a solar-heated glycol circuit to heat the pedestrian pathway along the 
length of the bridge deck. The glycol circuit was included in the original design proposal 
submitted by Studio Providence and Odeh Engineers to the Design Competition, and an 
approximated similar system was analyzed for the capstone design project for the 
purposes of cost estimation.  
 

 
Figure 7.1: Snowmelt Schematic 

 
 
Tubes containing a heat transfer fluid, ethylene glycol, mounted atop the three canopies 
serve as solar collectors and heat the glycol. The heated fluid is circulated down the 
canopies, coils in a serpentine pattern ¼ inch below the surface of the wood across half 
of the wooden bridge deck, and dissipates heat. Only half the bridge deck area is 
included in the system because of the total 20-foot bridge diagonal width, half serves as 
a bicycle lane, and half serves as a pedestrian pathway. The competition design 
proposal only indicated that the pedestrian pathway be heated by the system. 
 
The load requirements for the section of the circuit on the bridge deck needed to heat 
the wooden deck to above freezing temperatures was calculated for the Providence 
climate. 
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Figure 7.2: Heat Flux from Glycol Circuit in Decking 
 
 

𝑞𝑐𝑜𝑛𝑑𝑢𝑐𝑡𝑖𝑜𝑛 =  𝑞𝑐𝑜𝑛𝑣𝑒𝑐𝑡𝑖𝑜𝑛 +  𝑞𝑟𝑎𝑑𝑖𝑎𝑡𝑖𝑜𝑛   Eq. 7.1 
 

 
∆T

Rt𝑜𝑡𝑎𝑙
=  εσ�Tsurface4 −  Tatm4� + h(Tsurface −  Tatm)  Eq. 7.1 (a) 

 
An energy balance (Eq. 7.1 and 7.1(a)) was evaluated between the heat flux to the 
surface of the wood by conduction and the heat flux from the wood surface to the 
atmosphere and snow by radiation and convection. The heat transfer fluid ethylene 
glycol was assumed to be a 50% mixture to prevent against freezing even at 
Providence’s record low temperatures. The temperature of the atmosphere was taken 
as Providence’s average low temperature -6 degrees Celsius. The temperature required 
for the wood surface to instigate snowmelt was 5 degrees Celsius. The thermal 
resistance was calculated from the thermal conductivity of ¼” of wood. These 
calculations yielded a required fluid temperature of 9.6 degrees Celsius for the ethylene 
glycol in the circuit to heat the wood above freezing. The heat flux output requirement 
was 153 watts per square meter. To heat the pedestrian pathway, the power output 
required would be approximately 78.2 kilowatts (Eq. 7.2) and the volumetric flow of the 
ethylene glycol through the tubing circuit would be 1.13 gallons per minute, which was 
derived from Equation 7.3 and the fluid density.  
  

𝑃𝑜𝑤𝑒𝑟𝑟𝑒𝑞 = (𝑞𝑟𝑎𝑑𝑖𝑎𝑡𝑖𝑜𝑛 +  𝑞𝑐𝑜𝑛𝑣𝑒𝑐𝑡𝑖𝑜𝑛)𝐴𝑟𝑒𝑎ℎ𝑒𝑎𝑡𝑒𝑑 𝑑𝑒𝑐𝑘 = 78.2 𝑘𝑊 Eq. 7.2 
 

P =  m ̇ Cp
Ti+Te
2

    Eq. 7.3 
 

P =  Utotal ∆T Atubular surface    Eq. 7.4 
 
By taking this power output requirement, the tubular surface area required for the bridge 
deck section of the system was derived to be 48.5 square meters using Equation 7.4. 
With a tube diameter of 1 inch, the bridge deck section’s length of tubing was calculated 

0.25” 

5.75” 

qradiation qconvection 

qconduction 
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Tfluid 
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to be 2026.1 feet. Assuming the section of the system on the canopy receives the 
power input for solar energy required to match the required power output, the length of 
tubing needed for the canopy system was calculated as about 423 feet. The total length 
of tubing throughout the entire snowmelt system is then 2500 feet, and the glycol fluid 
volume was determined to be about 100 gallons. 
 
A supplemental energy analysis was used to determine the storage tank and collector 
needs for the system. The energy required to melt 2 inches of snow across the 
pedestrian pathway area of the deck was determined to be 165.9 kilowatt-hours (Eq. 
7.5). 
 

(𝐷𝑒𝑛𝑠𝑖𝑡𝑦𝑠𝑛𝑜𝑤)(𝑉𝑜𝑙𝑢𝑚𝑒𝑠𝑛𝑜𝑤)(𝐿𝑎𝑡𝑒𝑛𝑡 ℎ𝑒𝑎𝑡 𝑜𝑓 𝑓𝑢𝑠𝑖𝑜𝑛) = 𝑀𝑒𝑙𝑡𝑖𝑛𝑔 𝐸𝑛𝑒𝑟𝑔𝑦 Eq. 7.5 
 
 To simplify analysis, the glycol solar collector for the bridge deck was considered as a 
flat plate, unglazed solar collector within a solar . Solar collector efficiency operates as a 
function of the temperature difference between heat transfer fluid temperature and 
ambient temperature, which is small at approximately 11 degrees Celsius.  
 

 
Figure 7.3: Solar Collector Efficiency versus Temperature8 

 
Therefore, a minimum operating efficiency of 50% was assumed, and a collector area of 
165.9 square meters was calculated. Assuming the storage tank fluid would be water, 
the temperature for the storage tank was determined to be 100 degrees Celsius for a 
370 gallon tank. 
  

                                                 
8 “Factors Affecting Solar Collector Efficiency.” National Institute of Building Sciences. 2011. 
<http://www.solarcontact.com/solar-water/solar-collector/efficiency> 
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Chapter 8: Cost Estimation 
Author: Beverly Xu 
 
A critical design consideration of the capstone Providence River Pedestrian Bridge 
project was economic feasibility. The project budget specified during the RIDOT Design 
Competition was $4 million, although every finalist entry in the competition exceeded 
the budget.9 The city has worked to increase the budget and raise revenue through a 
variety of methods, such as public-private partnerships. The university has been 
considered as a potential fundraising partner. According to Brown University Vice 
President of Facilities Management, Michael McCormick, who sat on the selection 
committee for the Design Competition, the city has allocated an additional $1 million to 
the Pedestrian Bridge project from the Iway contract since the competition budget was 
specified, raising the project budget to $5 million.  
 
Section 1: Methodology 
 
A report published by the Florida Department of Transportation, Bridge Development 
Report: Cost Estimating, explained a three-step process for bridge cost estimation. This 
concept for estimating, outlined below, was used as a guideline for cost estimation for 
the capstone project. 

1. Utilize average unit material costs provided to develop a cost estimate cased 
on the completed preliminary design 

2. Adjust the total bridge cost for unique site conditions by use of site adjustment 
factors 

3. Review computed total bridge cost on cost per square foot basis and 
compare the value against the historical cost range for similar structures10 

 
The cost estimate included consideration of the following categories of the preliminary 
design: steel, geotechnical investigation, concrete and reinforcement, sustainability 
features, and additional costs. Steel and concrete categories not only evaluate the cost 
of material, but additionally construction, equipment, and personnel costs. Geotechnical 
investigation and site preparation for the capstone project were minimal due to the 
bridge’s construction upon the existing pier foundation. Sustainability features include 
the cost of the wood decking and the snowmelt system. Additional costs include design 
features such as the railing and lighting, permitting fees, and professional consultants 
fees, including architect, engineer, and construction management. 
 
The unit costs used to generate the cost estimate were obtained through a variety of 
sources, most notably the RS Means Building Construction Cost Data 2013 and data 
provided by Chris Hoffman, a cost estimator at DPR Construction. RS Means provides 
values for the site adjustment factor described in the second step of the FDOT report as 

                                                 
9  Caitlin Trujillo. “Bridge to link East side, Jewelry District.” Brown Daily Herald. 4 February, 2011. 
<http://www.browndailyherald.com/2011/02/04/bridge-to-link-east-side-jewelry-district/> 
10 “Chapter 11: Bridge Development Report Cost Estimating.” Florida DOT, 12 August, 2002. < 
http://www.dot.state.fl.us/structures/Manuals/LRFDSDG2002AugChap11.pdf> 
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well. Finally, to compare the estimate generated for the capstone design to similar 
projects in Providence, the cost of past pedestrian bridge projects in the city were 
researched and analyzed. Industry professionals were contacted and consulted 
throughout the process for advice on criteria that should be taken into consideration and 
suggestions for value engineering. 
 
Section 2: Results 
 
Section 2.1: Steel 
 
The bridge deck, pier deck, and canopy were primarily steel structures and contributed 
to the bulk of the project costs. The total steel cost is generated by calculating the cost 
of steel material, fabrication, transportation to site, equipment for steel erection, crew for 
steel erection, moment connections, and profit. These costs were dependent upon the 
variable of total steel tonnage and steel piece count. The bridge design utilizes W-
beams, HSS box beams, and WT-beams. Chris Hoffman’s estimations list $1000 per 
ton for W-beams and $1100 per ton for HSS-beams. Piece count affects the steel 
erection costs, as the crane and crew costs are dependent upon construction time, 
which in turn is dictated by piece count. The bridge design additionally contained a 
substantial number of welded connections, priced at $200 per connection. A desired 
profit of 5% is added to the total steel cost. A markup of 33% was used for custom 
members using past capstone student design projects as a reference.11 Using the 
previously specified unit costs, the total steel cost was calculated to be $1.5 million. 
 
Table 4: Steel Cost Summary 

Item Cost 

Steel Material $876,226.12 
Steel Fabrication $428,068.63 
Shipment $19,458.00 
Steel Erection - Crane $17,426.67 
Steel Erection – Crew $125,472.00 
Moment Connection $56,000.00 
Profit $76,132.57 
TOTAL $1,598,783.99 
 
Section 2.2: Geotechnical Investigation 
 
Due to the pedestrian bridge’s construction upon an existing foundation, geotechnical 
investigation costs were minimized. Data regarding the structural integrity of the existing 
piers was gathered from RIDOT, although investigative boring would be necessary. 

                                                 
11 Decelle, Efron, Ramos, Tully. “WPI – Pedestrian Bridge Study.” WPI, 11 March 2013, p.51. < 
http://www.wpi.edu/Pubs/E-project/Available/E-project-031013-103455/unrestricted/WPI_-
_Pedestrian_Bridge_Study.pdf> 
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Table 5: Geotechnical Investigation Costs 

Item Cost 

Borings, initial field stake out & determination of elevations $3,525.00 
Drawings of boring details $1,245.00 
Report and recommendations from P.E. $2,850.00 
TOTAL $7,620.00 
 
Section 2.3: Concrete 
 
Cost estimation for the bridge abutment design used concrete cost data provided by 
Chris Hoffman. The abutment costs account for the volume of concrete used, rebar 
reinforcement, and profit. The cost of concrete spread and continuous footings was 
designated as $30.50 per cubic yard. Rebar reinforcement was priced by tonnage at 
$1000 per ton. Similar to estimation for steel costs, the profit markup was considered as 
5% of total cost. The resulting total concrete cost was determined to be $8,068.  
 
Table 6: Concrete Cost Summary 

Item Cost 

Spread and continuous footings $6,902.50 
Rebar reinforcement $781.95 
Profit $384.22 
TOTAL $8,068.67 
 
Section 2.4: Sustainable Features 
 
As mentioned in the discussion of the wood decking design in the previous 
Sustainability Features section of the report, the decision to seek certified wood for the 
pedestrian bridge had potential to be very costly. RS Means item 06 11 10.28 0540 
prices 4” x 6” wood members at $9.75 per linear foot, and a quick comparison against 
online wood suppliers supported this cost for ipe. For uncertified decking to cover the 
area of the bridge deck and pier decks, the cost was calculated to be $579,150. An 
additional 65% of material cost was added due to RS Means item 06 11 10.01 0020 
Forest Stewardship Council certification. The cost for certified ipe decking was 
$955,597. 
 
The solar heated glycol circuit was evaluated for materials cost alone. Utility and 
construction installation costs were not considered, and while future maintenance costs 
are discussed, a cost estimated was not generated for maintenance and operating 
costs. According to RS Means item 23 83 16.10 0120, cross-linked polyethylene (PEX) 
tubing with a 1 inch diameter is $5.05 per linear foot. For this system, the PEX tubing 
cost amounted to approximately $9,400. RS Means Item 23 56 19.50 4700 priced glycol 
at $30.45 per gallon. For the approximated 100 gallon system, the heat transfer fluid 
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cost came to about $3,051. The snowmelt system operates in a manner very similar to 
solar hot water heaters, in that both systems require a solar collector, storage tank, heat 
exchangers, and a circulator. Thus, for ease of cost estimation, the snowmelt system 
was considered to be analogous to a solar hot water system, and RS Means Item 23 56 
16.40 0780 priced a standard hot water package with 3 collectors, a circulator, fittings, 
and a 120gallon tank at $9075 each. Two additional 120 gallon tanks were added to the 
cost estimate since the system requires a much larger tank. The total cost of the 
snowmelt system was $25,031. 
 
The cost of the system can be compared against the cost of mechanical clearance. The 
city of Providence had a budget of $1.8 million for snow clearance this winter. While 
snow clearance costs are extremely variable depending on seasonal winter conditions, 
Michael McCormick provided rough estimates for unit analyses: an average rate of $50 
per hour for the crew including overtime requirements, 1 hour per storm for the area of 
the bridge, and one snow clearance vehicle. The total approximate cost was taken to be 
$140 per hour, and snow removal is considered to be necessary in Providence after two 
inches have fallen.  
 
Table 7: Sustainability Features Cost Summary 

Item Cost 

FSC certified wood $955,597.50 
PEX tubing, 1” diameter $9,404.54 
Glycol heat transfer fluid $3,051.09 
Solar Hot Water Package $9,075.00 
Additional 120 gallon tanks $3,500.00 
TOTAL $980,628.10 
 
Section 2.5: Additional Costs  
 
Additional costs for the bridge design not previously discussed include the cost of 
professional consultants, permitting fees, and non-structural bridge features such as the 
railing and lighting systems. RS Means item 01 41 26.50 0100 estimates 2% of total 
project costs as the permitting fee. Items 01 11 31.10 0090 Architectural fees, 01 11 
31.20 0050 Construction Management fees, and 01 11 31.30 1300 Structural 
Engineering Fees were 16%, 4.5% and 2.5% respectively. Contingencies at the Design 
Development stage were added as well and priced as 10% of total project costs by RS 
Means Item 01 21 16.50 0100. The summation of these previously mentioned costs is 
35% of total construction costs. Michael McCormick stated that an addition of 30% of 
total costs was an adequate blanket estimate of non-construction project costs, such as 
design, permitting time, contingency, neighborhood appeasement, police detail, etc., 
which supports the estimate used for the capstone project. 
 
The cost of non-structural bridge features were gleaned from the RIDOT 2007 
Feasibility Study, which included the cost estimate for ornamental lighting along a 
bridge of the same length as the capstone bridge design. The estimate for seven 
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ornamental lights at $5000 each was $35,000 total. A simple cable railing with stainless 
steel posts was selected for the bridge railing; RS Means Item 05 73 16.10 0100 priced 
the item at $99 per linear foot, which amounted to a total cost of $154,440. This railing 
proved to be less expensive than the ornamental railing selected for the Feasibility 
Study, which was about $350,000. 
 
Table 8: Additional Costs - Project Documents and Professional Consultants 

Item Cost 

Permit $56,760.02 
Architectural Fees $454,080.13 
Construction Management Fees $127,710.04 
Engineering – Structural Fees $70,950.02 
Contingencies – Design Development $283,800.08 
TOTAL $ 993,300.28 
 
Table 9: Additional Costs - Non-structural Features 

Item Cost 

Railings $207,900.00 
Ornamental Lighting $35,000.00 
TOTAL $242,900.00 
 
Section 2.6: Site Adjustment 
 
The RS Means City Cost Indexes lists the site adjustment for Providence as 107.4% of 
total cost. The City Cost Index is a percentage ratio of a specific city’s cost compared to 
the national average cost for any same item at the same time period, which indicates 
that Providence’s average index is about 7% above the national average. After including 
the site adjustment factor to the preliminary cost, the final adjusted total project cost was 
determined to be $4,114,817.36. 
 

Item Cost 

Unadjusted Total Cost $3,831,301.08 
Adjusted Total Cost $4,114,817.36 
 
Section 2.7: Past Project Comparisons 
 
Past pedestrian bridge projects in the Providence area were researched for cost 
comparison. The India Point Park Pedestrian Bridge was completed in 2008 with bridge 
cost of $9.5 million and a total contract cost of $26 million, including roadwork, utility 
work, etc. The high cost of the bridge in comparison to the Providence River Pedestrian 
Bridge can be attributed to complications with the bridge design span cross the highway 
as well as a historic oak tree that was to be preserved at the end of the north span of 
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the bridge. Analysis of the Engineers Estimate/Bidders Comparison Detail for the 
project indicates a large majority of bridge construction costs derived from removal of 
the previous structure and the large concrete spans.12 
 
Another ongoing Providence bridge construction project is the widening of the 
Washington Bridge Bikeway and Linear Park. The bridge contract is $21.1 million for a 
bridge that is a mere 1600 linear feet. While the bridge contract includes special 
features such as a 40 foot wide outlook and the remodeling of a historic operator’s 
house, the Providence public has expressed concerns regarding the high cost of the 
bridge, and emphasizes the necessity to keep the Providence River Pedestrian Bridge 
at an economically feasible and practical budget. 
 
Unfortunately, the cost per square foot was not attainable for either of the Providence 
projects; thus, research into similar projects elsewhere in the country with cost per 
square foot information publicly available was analyzed. According to the Wisconsin 
DOT Bridge Manual, Chapter 5: Economics and Costs, the 2013 Year End Structure 
Costs for pedestrian bridges averaged $180.82 per square foot.13 The average location 
factor for cities in Wisconsin included in RS Means is 96.7%. By applying the Wisconsin 
location factor to the capstone pedestrian bridge, a comparison may be drawn between 
the cost estimate for the capstone design and the documented standard in Wisconsin. 
Adjusting the capstone pedestrian bridge total cost with the Wisconsin location factor 
yielded an adjusted cost of approximately $3.7 million, or $199.45 per square foot. 
These results show a 10.3% difference between the capstone pedestrian bridge design 
and the 2013 Year End Structure Costs for pedestrian bridges in Wisconsin recorded by 
the WisDOT, which suggest the capstone design project budget is within realistic range 
of similar past projects. 
 
Section 2.8: Value Engineering 
 
The total cost of the bridge was within the initial Design Competition project budget and 
under the budget with the additional $1 million added post-competition. While the steel 
costs were the largest contributor to the cost, the professional consultant and planning 
fees as well as the decking cost were significant as well. The decking cost was high in 
part due to the desire to seek environmentally sustainable certification for wood 
sourcing; however, this is also due to the dimension of the wood decking, which is 
overdesigned. The depth of the wood decking could be significantly decreased from 6 
inches since the design additionally includes steel cross members for lateral structure 
across the bridge deck. If a high-strength, durable wood such as ipe is used, wooden 
decking dimensions may be reduced from 6 inch depth by 4 inch width to 5/4 inch depth 
by 6 inch width. 
 
                                                 
12 “Engineers Estimate/Bidder Comparison Details: Improvements to Interstate 195 – Contract 9,” R.I. 
Contract No. – 2005-CH-052. RIDOT, 20 May 2005. 
13 Table 5.4-40 Pedestrian Bridges. “Chapter 5 – Economics and Cost.” Wisconsin Department of 
Transportation. January 2014, p5-20. 
<http://on.dot.wi.gov/dtid_bos/extranet/structures/LRFD/BridgeManual/Ch-05.pdf> 
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Assistant Vice President, Planning Design and Construction, of Brown University’s 
Department of Facilities Management, Michael McCormick was instrumental in 
identifying areas for value engineering, particularly due to his experience on the Design 
Competition Selection Committee. The design of the bridge is attractive in that the 
congregation areas, the pier decks are separate from circulation areas, the bridge deck. 
Therefore, the width of the bridge deck could be narrowed to reduce the total area of the 
bridge and significant reduce materials and costs. A typical street land or sidewalk in 
Providence is 12 feet in width, and the bridge deck is 17.5 feet wide across (20-foot 
diagonal width). Additionally, the canopies currently shelter the entire area of the pier 
decks. Narrowing the canopies could allow for part of the pier decks to be exposed to 
sunlight while part is still shaded or sheltered; reducing the size of the canopy trusses 
could cut steel costs. Finally, anticipating and planning construction stages could 
improve construction costs. The existing piers could be advantageous in that the bridge 
construction could be staged from pier to pier and then canopy to canopy, potentially 
reducing costs attributed to workers compensation and overtime. 
 
Resistance to changing aesthetic features, such as the box beams, WT-shape beams, 
and high quality wood decking, that may impact the cost is due to the high visibility of 
the bridge. The bridge is highly visible, will be adjacent to and a component of a large 
urban redevelopment plan to build parks and recreational areas in the surrounding 
neighborhoods, and functions as a pedestrian bridge. All of these considerations are 
reason to invest in aesthetic qualities for the Providence River Pedestrian Bridge. 
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Chapter 9: Conclusion 
 
The Providence River Pedestrian Bridge capstone design project provided an 
opportunity for the graduating civil engineering class to experience a large-scale, 
applied engineering project. The Pedestrian Bridge is a significant ongoing project to the 
city of Providence and brings the attention of Brown University students to their 
surrounding community. The opportunity to work as a team with individual 
responsibilities simulated a professional work dynamic, and the project combined the 
use of multiple structural analytic and modeling software, SAP2000 and Revit, typically 
used in the engineering industry. 
 
The final design was an efficient, economical, and elegant pedestrian bridge. The bridge 
deck and pier decks similarly are designed with steel beams, steel cross members, and 
wooden decking. The bridge features three canopy trusses with aluminum cladding in a 
deep V-shape resembling a shell hull. The resultant estimated cost for the total project 
was close to the Design Competition project budget and indicates the design would be 
feasible to construct. The simple and sophisticated design presents an economical, 
practical, and thoughtful design for the parameters of the design project. 
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Appendix 1: Pier Deck 
Rachel Connor 
 

Figure 1 – Tapering in CAD File 
 
 
 
 

 
 
 
 
Figure 2 – Tapered Sections; (a): WT Tapered (b): Box Beam Tapered  
 
 

 
 
 
 
 

 
 

 

Figure 3 – Moment Diagram of Box Beam 

Figure 4 – Shear Diagram of Box Beam 

      (a)         (b) 
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Figure 5 – Final Design Sections 

Figure 7 – Zoomed in View of Canopies and Pier Decks 

Figure 6 – 3D Revit Model 

Figure 8 – Aerial View 
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Table 1 – Loads 

Load Type Value (psf) 
Dead Depends on section 
Live 100 
Snow 30 
Deck 40 
Wind 21.93 
 

Table 2 – Wind Load Coefficients 

V (mph) 120 
I 1 
Kzt 1 
Kz 0.7 
Kd 0.85 

 

Table 3 – Section Details 

 
 
Table 4 – Demand/Capacity Ratio Range by Type 

Span Type Demand/Capacity Ratio 
Interior Box Beam – 10 ft. 0.033 – 0.383 
Interior Box Beam – 40 ft. 0.144 – 0.174 

Exterior Girder (W14x68) – 10 ft. 0.044 – 0.215 
Exterior Girder (W14x68) – 40 ft. 0.127 – 0.139 

Typical Joist 0.077 – 0.600 
Column 0.123 – 0.236 

 
 
 
  

Location Section Length Quantity 
Exterior Girder W14x68 10’ 16 
Exterior Girder W14x68 40’ 4 
Interior Girder Box Beam 6”x36”x½” 10’ 16 
Interior girder Box Beam 6”x36”x½” 40’ 4 

Joist WT6x85 – WT18x85 Tapered section – 8.5’ 16 
Column W33x248 14’ 4 
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Appendix 2: Bridge Deck Hand Calculations 
Thomas Schiefer 
 
Section 1: Seismic Load 
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Section 2: Custom Beam Member Properties 
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Section 3: Girder Analysis 
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Section 4: Joist Analysis 
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Section 5: Column Analysis 
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Section 6: Vibrational Analysis 
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Section 7: Excel Spreadsheet 
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Appendix 3: Pier Deck Hand Calculations 
Rachel Connor 
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Appendix 4: Canopy Hand Calculations 
Ka Ling Wu 
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Appendix 5: Snowmelt System Hand Calculations 
Beverly Xu 
 
Section 1: Schematic 
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Section 2: Hand Calculations 
 

 
 



P a g e  | 104 
 

 
 

 



P a g e  | 105 
 

 
 

 
 


	Chapter 3: Bridge Deck
	Chapter 6: Canopy
	Section 1: Introduction
	Section 2: Design Considerations
	Section 2.1: Gravity Load Constraints
	Section 2.2 Lateral Load Constraints
	Section 2.3 Structural Deflection Limits

	Section 3: Design of the Structure of the Canopies
	Section 3.1: Gravity Load Analysis
	Section 3.2: Lateral Load Analysis
	Section 3.2.1: Wind load
	Section 3.2.2: Seismic Load

	Section 3.3 Deflection Limits

	Value
	Symbol
	Parameter
	Wind Pressure, psf
	Surface
	Section 4: Results
	Sizes
	Column
	Reaction Force, Kip
	Column
	Total Length, inch
	Total Number of Pieces
	Member Section
	Total Weight, Kip
	Section 5: Conclusion and Discussion

